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Abstract
Evaluation and Retrofitting of Prestressed Concrete Girder Bridge with Excessive Vibration
Ikram Hasan Efaz, PhD
The University of Texas at Arlington

Supervising Professor: Dr. Nur Yazdani

Vibration of a highway bridges is a serviceability issue according to American Association of State
Highway and Transportation Officials (AASHTQO). Though vibration is one of the primary reasons
of bridge deck cracking, AASHTO only has a deflection limit to counterpart vibration which is
not adequate according to many researchers. For instance, SH-75 SB Bridge over Wilson Creek in
McKinney, Texas was observed to have excessive vibration and cracking on the concrete deck. To
evaluate the condition of the bridge, Ground Penetrating Radar (GPR) and Impact Echo (IE) were
used on the deck as Non-Destructive Evaluation (NDE) methods. A diagnostic load test was also
conducted to obtain the load carrying capacity of the deck and the girders. Though GPR showed
satisfactory cover, IE showed severe delamination of the top of the deck prevalent on the top of
the girder lines. The load test additionally revealed partial-composite action between the girders
and the precast panel/cast in place deck system. Moreover, a follow-up load test after a year
confirmed the loss of composite action by revealing similar results to the first load test. A
combined NDE and load testing method was used to load rate the girders and the deck of the bridge
successfully which showed that both deck and girders were able to carry the load. However,
propagation of cracks, potholes and severe vibration on deck should be considered as future
concerns in terms of serviceability and durability.

Ambient vibration testing was also conducted on the SB bridge and on two other bridges with no
vibration issue for comparison. The girders and deck of the SB showed significantly higher lateral
and vertical accelerations than the control bridges. On the other hand, the fundamental frequency
of the SB bridge was very low compared to the literature. The lower natural frequency can be
explained by the reduced stiffness of the girders and the deck-panel system due to the delamination

and partial-composite action.



A Finite Element Model (FEM) was prepared in ABAQUS CAE using the geometric and material
properties of the SB bridge. The FEM was calibrated based on the load test and vibration test
results so that the model could represent the actual condition of the bridge. Several retrofitting and
stiffening methods were studied in the model to check the effectivity of the retrofitting methods.
Finally, a comparative cost analysis was prepared for these proposed retrofitting methods based
on the Average Low Bid Unit Prices from the Texas Department of Transportation (TxDOT) and

some general recommendations were made for future research.
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Chapter 1

INTRODUCTION
1.1 Background

The New York State Department of Transportation correlated bridge deck cracking with vibration
by studying 384 bridge spans (Alampalli, 2001). The effect of the parameters such as bridge
vibration, span length and traffic volume were examined individually on bridge deck cracking
using One-way Analysis of Variance (ANOVA) analyses. The data suggested that the vibration
parameter affects deck cracking most severely and longer span length creates a worse situation in

terms of cracks and vibration.

The unusual vibration of highway bridges causes human discomfort and long-term durability of
the deck/panel system. However, highway bridge vibration has been ignored by codes and
researchers as a serviceability issue. For example, the American Association of State Highway
Officials (AASHTO, 2017) only enforces a deflection limit which is not sufficient to mitigate
vibration (Barker, 2011; Gaunt 1981; Oeheler, 1970; Thunman, 1987). Also, a typical dynamic
impact factor (DMF) (Nguyen & Tran 2015; Mohseni et. al. 2018; Malla et. al. 2017) is used to
increase the live load without considering the vibration severity. Furthermore, Alampalli (2001)
concluded that vibration severity is the most significant parameter affecting deck cracking,
especially for long-span bridges. In addition, vibration severity can be accounted for by the peak
acceleration of the deck, girder, bearing pad and other components of the highway bridges during
the regular flow of traffic.

The majority of the existing research states that humans respond to bridge acceleration rather than
other vibration parameters such as deflection. Gaunt and Sutton (1981) stated that humans are
more susceptible to the derivatives of displacement (jerk, acceleration, velocity etc.) rather than
the displacement itself. Irwin (1978) suggested restrictions for accelerations of bridges for
everyday events while Wright and Walker (1971) suggested a peak acceleration limit of 100 in./s?.
Similar to acceleration, natural frequency is another critical dynamic parameter. The natural
frequency depends on the mass, stiffness distribution, boundary condition and continuity condition
of bridges (Grimmerlsman, 2006). The mode with the lowest natural frequency is called

fundamental frequency (Damodarasamy and Kavitha, 2009) which has a direct relationship with
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the stiffness of a structure (Lin and Yang, 2005). Amman (1995) corelated the fundamental
frequency with the maximum span length of the highway bridges by analyzing the experimental
data of 224 bridges. Likewise, Canadian standards, CSA (1990) determined a relationship between
natural frequency and maximum static deflection while Australian codes, Austroads (1996)
suggested a similar relationship to mitigate vibration. Additionally, Le and Hwang (2017)
recognized that frequency and acceleration-based limits are more rational and efficient than
AASHTO (2017) deflection limit.

By obtaining the dynamic properties such as acceleration, natural frequencies and mode shapes,
the current condition of highway bridges can be assessed. To obtain the dynamic properties of
highway bridges, ambient vibration testing technique is considered as one of the most popular
methods since this technique requires less labor, time and cost (Idris et al., 2014). Ambient
vibration is the vibration experienced by a structure under its regular operating condition without
any traffic closure (Farrar & James, 1997). This testing technique has been used to regulate the
dynamic characteristics (acceleration and mode shapes) of different types of bridges such as
double-deck bridge (Harik et al.,1997), prestressed concrete box girder bridge (Citak et al., 2012
and Farrar et al., 1984), continuous girder bridge, cable-stayed bridge (Ren et al., 2005) and stone
masonry bridge (Krstevska et al., 2008) successfully. Moreover, Idris et al. (2016) designated
different modal frequencies and fundamental modes of vibration of a prestressed concrete bridge
by conducting ambient vibration.

However, it is not always possible to obtain natural frequency accurately under regular traffic,
especially for a very busy bridge. If there is an extreme amount of traffic, it is not realistic to obtain
an ambient window to extract the natural frequencies due to extreme noise in the data. To eradicate
the excessive noise in the dataset, Siringoringo and Fujino (2012) conducted an analytical and
experimental vibration study by using only a model of a two-axle vehicle-bridge system and
identified the first natural frequency with acceptable accuracy. Similarly, Nagayama et al. (2015)
used two passing vehicles to calculate the natural frequency of a bridge and compared the
experimental results with analytical values. It was discovered that under a relatively low driving
speed, the analytical and experimental results showed good agreement with the largest discrepancy
of 3.2%. Therefore, for the bridges with high-volume traffic on major highways, controlled single
or double low-velocity vehicles can be used to obtain exact natural frequency.
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After analyzing the dynamic parameters (acceleration and natural frequency), the severity of
vibration of a highway bridge can be established and proper mitigations can be generated. To
mitigate vibration, the superstructure can be stiffened externally by adding mass with high-level
stiffness, comprising bridge members and adding damping to the system (Brown & Kashani,
2017). In addition, Twayana and Mori (2014) concluded that shear keys between the adjacent box-
beams followed by transverse post-tensioning improved the fundamental frequency and reduced

vibration of a skewed box-beam girder bridge by approximately 10%.

While vibration reduces the deck capacity by introducing cracking, partial-composite action
reduces the capacity and the vertical and lateral stiffness of the girders. Cracks and delamination
reduce the deck capacity to transfer load effectively to the girders. To evaluate the capacity of
highway bridges, a diagnostic load test combined with Non-Destructive Evaluation (NDE) can be

used to load rate the bridge girders and deck.

To improve the deck/girder capacity due to cracking or partial composite action, retrofitting
methods can be considered without demolishing the bridges. Additionally, past studies showed
that steel girder bridges can be retrofitted to increase/introduce composite action between the
girder and deck (Olsson, 2017; Collin et al., 2015; Kwon et al., 2009). However, no attempt has
been made so far to retrofit prestressed girder bridges to improve the girder-panels/deck composite

action.
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1.2 Problem Statement

Though vibration severity is one of the key parameters contributing to bridge deck cracking, it is
often neglected as a serviceability issue. The deflection limit imposed by AASHTO (2017)
sometimes yielded misleading results regarding vibration. According to many researchers (Wright
& Green, 1964; Wright & Walker, 1971; Le & Hwang, 2017), a better interpretation of vibration
IS necessary in terms of accelerations and mode shapes.

Several Non-Destructive Evaluation (NDE) techniques are currently used for bridge deck
inspection and mapping. For example, Zaki et al. (2018) successfully used Ground Penetrating
Radar (GPR) to quantify the presence of rebar corrosion in a concrete slab. Raju et al. (2018) and
Hasan and Yazdani (2015) related the rebar corrosion quantity with the maximum reflected wave
amplitude from GPR data. Hasan and Yazdani (2014) additionally used GPR to construct a full-
scale evaluation of concrete covers in a new bridge deck and determined that a significant portion
(48%) of the bridge deck had inadequate cover. Inconsistency of rebar cover depths in a bridge
deck might create challenges such as corrosion or reduced moment capacity due to reduced
moment arm. Apart from GPR, Impact Echo (IE) can be used to evaluate bridge deck by detecting
the possibilities of delamination in concrete successfully. Gucunski et al. (2005) used IE and GPR
on asphalt-overlaid bridge decks to estimate concrete deteriorate quantities and possible
delamination in the deck. Kee et al. (2012) utilized air-coupled IE and infrared thermography (IR)
on a reinforced concrete bridge deck containing simulated delamination and cracking defects and
the delamination found from both the NDE methods showed good agreement with most of the
actual defects. Gucunski et al. (2008, 2009) proposed a new automated approach based on three-
dimensional IE data which effectively enables an impact echo to be used as a bridge deck sonar

device.

NDE methods including GPR and IE can help to locate localized cracks and delamination in the
superstructure while experimental load testing can accurately determine a bridge’s load efficiency
and load-carrying capacity (Bujnakova et al.,2018). In general, load testing provides a more
comprehensive understanding of the load paths and their distribution through the bridge structure
(Lichtenstein, 1995). Additionally, diagnostic load tests are performed to determine bridge

characteristics, load response, and distribution or to validate the analytical model (AASHTO,

22



2017). Several Department of Transportations (DOTS) across the US have been using diagnostic
load testing to evaluate condition assessment and load rating of existing bridges effectively (Hag-
Elsafi et al, 2006; Lucas et al, 2004; Matta et al, 2005; TxDOT, 2020). However, a combined load
test and NDE method has not been used yet to examine a prestressed concrete girder bridge with

vibration issue.

While vibration reduces the serviceability of the deck, partial-composite action reduces the load-
carrying capacity and stiffness of the system by inducing slip between composite surfaces. Deck
capacity is also altered by longitudinal and transverse cracking due to unusual vibration. To
resolve unusual vibration and deck crackings, retrofitting can be a viable solution to improve
composite action for steel girder bridges. Nevertheless, there is no traditional method to retrofit a
prestressed concrete girder bridge. Most likely, the cohesion and friction between contact surfaces
and dowel action from the shear rebars will provide 100% composite action to the girders-deck
and deck-panels surfaces. However, slip can take place between surfaces due to inefficient shear
rebars, construction errors, surface corrosion, or poor material quality. Overall, partial-composite

action affects the overall performance of the bridge by causing strength and serviceability issues.
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1.3 Objectives

The current study involved instrumentation, load testing (Phase 1 and Phase 2), ambient vibration

testing, dynamic load testing, dynamic vibration testing, modeling, model calibration and

evaluating effective retrofitting methods for the SH-75 SB Bridge over Wilson Creek. The

objectives of this research are as follows:

1.

Investigate the overall performance of a highly vibrating highway bridge through

instrumentation and static load testing.

Compare the performance after one year to evaluate the rate of deterioration through a

follow up static load testing.

Utilize Non-Destructive Evaluation (NDE): Ground Penetrating Radar (GPR) and Impact
Echo (IE) on the deck to assess the condition of the deck for surface wearing, cracks and

delamination.

Propose a novel technique to rate the girder and deck of the bridge by combined load testing
and NDE method.

Conduct ambient vibration testing under regular traffic for the SB Bridge and compare the
results with other control bridges that do not have significant vibration problem.

Conduct dynamic vibration testing under controlled traffic to find the natural frequency

and mode shapes of the bridge.

Prepare a realistic 3D finite element model of the bridge to simulate geometrical and
material properties as well as boundary conditions to understand the overall behavior of
the bridge.

Calibrate the 3D FEM model based on the experimental load testing and dynamic vibration

testing result, hence capturing the behavior of the in-site bridge.

Study several retrofitting methods to increase the composite action and lateral stiffness of

the girders and panels/deck and evaluate their effectiveness.
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1.4 Organization of the Dissertation

The dissertation is organized in eight different chapters. The content of the chapters is described
below:

Chapter 1: Introduction

This chapter provides a brief introduction of the background and motivation of the research,

problem statement and objective.
Chapter 2: Literature Review

This chapter presents a history of bridge vibration, previously conducted research regarding
vibration, vibration related codes and specifications, NDE and load test evaluation, FEM modeling

and model calibration. This chapter also highlights the history of bridge retrofitting and stiffening.
Chapter 3: Bridge Description

This chapter presents the background, material properties and detailing of the SH-75 SB bridge.
Chapter 4: Experimental Procedure

The instrumentation of the load tests, NDE (GPR and IE) tests, Ambient Vibration Test and
Vibration test during static load test are provided in detail in this chapter.

Chapter 5: Finite Element Modeling

This chapter details the step-by-step model development including the material properties and

loading condition and steps.
Chapter 6: Results and Discussion

The results obtained the NDE, load tests and vibration tests are presented in this chapter. Also,

the model stability and calibration are discussed in this chapter.
Chapter 7: Bridge Rehabilitation/Retrofitting

This chapter presents the proposed retrofitting methods, their modeling results and a comparative
cost analysis of each methods.
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Chapter 8: Conclusion and Recommendation

This chapter concludes with a summary and findings of the NDE and load tests, vibration tests and
FEM modeling of the retrofitting methods. Some general recommendations are also provided for

future research in this specific area.
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Chapter 2

LITERATURE REVIEW
2.1 Bridge Vibration

Serviceability is one of the most important concerns during bridge design, construction, and
evaluation. By studying various vibration parameters such as deflection, acceleration, velocity,
and frequency, researchers concluded that the deflection limit is the most commonly used
parameter since it can be easily calculated theoretically and experimentally. AASHTO LRFD
specification (2017) imposed deflection limit of L/800 (L= span length) for regular highway
bridges and L/1000 for the pedestrian bridge which was also adopted by the Korean code (MLTM,
2010). After a comprehensive study on live load deflection, Roeder et al. (2002) concluded that
AASHTO (2017) deflection limits are not sufficient to control the bridge vibration after conducting
extensive research on live load deflection. Though the AASHTO (2017) deflection limit was
initially introduced to control bridge vibration, more effective alternative methods have been
developed. However, there is wide variability in the alternative methods due to variability in load
magnitude, load pattern, load factors and lane load distribution factors. Moreover, a few limitations

also decrease the efficiency of the alternative methods.

The difference between the live load deflection limits in different states may go beyond 1,000%
due to various load patterns and magnitude used by various states. While some states use truck as
the load, other states use lane loads and some use a combination of the two. Maximum deflection
is recorded for truckloads and lanes loads for short span and long span bridges, respectively.
Therefore, the AASHTO (2017) live-load deflection regulates the design of bridges for large L/D

(L=span length, D=depth) ratios and vice versa.

Some of the bridges which satisfied the AASHTO (2017) deflection limits showed poor vibration
performance. After studying 195 steel girder bridges, Barker (2011) posited that current AASHTO
(2017) criteria may be inadequate to counter bridge vibration. The deflections vs the span length
plots for simple and continuous spans are provided in Figures 2-1 (a) and 2-1 (b), respectively to
clarify the behavior of the bridges. The figures also compare the results with the current AASHTO
(2017) criteria.
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Figure 2- 1: Deflection vs span length: (a) Simple spans; and (b) Continuous spans (Barker,
2011)

It can be concluded from the figures that all the bridges meet with the current AASHTO (2017)
service | criteria. Therefore, these bridges should be vibration resistant: should not cause human
discomfort or vibration induced deterioration problem if the AASHTO (2017) criteria controls. In
contrast, several bridges showed significant vibration induced human discomfort and deterioration.
Additionally, most of the pedestrian bridges also meet the service | criteria. However, several
pedestrian bridges are affected with vibration even though they comply with the code. This is
another indication that the current AASHTO (2017) Service | criteria is insufficient to control

bridge vibration.
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While AASHTO (2017) criteria only focuses on deflection, researchers have been studying other
vibration criteria such as acceleration and frequency and their effects on human susceptibility. In
fact, acceleration parameter can capture human susceptibility more accurately than the
displacement parameter for vibration (Gaunt, 1981). Oehler (1970) concluded that the deflection
limit cannot mitigate vibration consistently. Fountain and Thunman (1987) had a similar
conclusion stating that the deflection limit does not prevent human reactions inducing vibration
and acceleration. Canadian standards, CSA (1990) provided a relationship between natural
frequency and maximum static deflection of the superstructure of pedestrian bridges. Wright and
Green (1964) also proposed a relationship after extensive analytical and field study. Figure 2-2
shows a plot of first flexural frequency vs static deflection based on Canadian standards. Australian
codes, Austroads (1996) proposed a similar relationship such as the Canadian standards which is

shown in Figure 2-3.
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Figure 2- 3: First flexural frequency vs static deflection curve (Australian codes, 1996)

Irwin (1978) suggested limits for root-mean-square accelerations for everyday usage and storm
conditions which are shown in Figure 2-4.
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Figure 2- 4: Maximum vertical accelerations of Bridges for everyday events (curve 1) and storm

condition (curve 2) by Irwin (1978)

Mallock (1902) concluded that acceleration is the primary reason for human discomfort caused by
passing vehicles. Goldman (1948) produced a curve where the minimum acceleration for human
discomfort and the perceptible values were set to 0.046 g and 0.025 g respectively (g =acceleration
due to gravity). The acceleration response between 0.015 g- 0.025 g was established for slightly
perceptible, 0.052 g for distinctly perceptible and 0.076 g for strongly perceptible (Billing &
Green, 1984). Similarly, International Organization for Standards (ISO 2631-1) (1997)
distinguished six levels of reactions in public transport from not uncomfortable (0.315 m/s?) to
extremely uncomfortable (2 m/s?). Wright and Walker (1971) recommended the peak acceleration

to prevent bridge vibration which is provided in Table 2-1.
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Table 2- 1: Peak acceleration for human response (Wright and Walker, 1971)

Peak acceleration (in./s?)
Human response Transient Sustained

Imperceptible 5 0.5

Perceptible to some 10 1

Perceptible to most 20 2

Perceptible 50 5
Unpleasant to few 100 10
Unpleasant to some 200 20
Unpleasant to most 500 50
Intolerable to some 1000 100
Intolerable to most 2000 200

After conducting an extensive literature review and experimental study on different codes, Le and
Hwang (2017) concluded that AASHTO (2017) deflection limits are very conservative while
frequency-based limits are more effective and practical. It was also stated that Wright and Walker

criteria and Canadian standards are the most appropriate for human sensitivity.

By obtaining the dynamic properties such as acceleration, natural frequencies and mode shapes,
the current condition of highway bridges can be assessed. One of the assessment tools is ambient
vibration which is the vibration experienced by a structure under its regular operating condition
(Farrar & James, 1997). Again, ambient vibration testing technique is one of the most popular
methods to acquire the dynamic properties of bridges since this technique requires less labor, time
and cost (Idris et al., 2014). Since no traffic control is required to test a bridge under regular traffic,

many researchers have used this technique. To regulate the dynamic characteristics of bridges,
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researchers applied ambient vibration technique on different types of bridges such as a double-
deck bridge (Harik et al.,1997), prestressed concrete box girder bridge (Citak et al., 2012, Farrar
et al., 1984), continuous girder bridge, cable-stayed bridge (Ren et al., 2005) and stone masonry
bridge (Krstevska et al., 2008). Furthermore, Idris et al. (2016) conducted an ambient vibration
test on a prestressed concrete bridge and identified the different modal frequencies of the bridge
and the fundamental mode of vibration. Fundamental mode is the mode with the lowest natural
frequency (Damodarasamy & Kavitha, 2009). Due to its direct relationship with stiffness, the
natural frequency of the bridge is a very important parameter (Lin & Yang, 2005). The natural
frequency of a bridge is a function of its mass and stiffness distribution, boundary condition, and
continuity conditions between various components of the structure (Grimmerlsman, 2006).
Amman’s (1995) study indicated that there is a correlation between fundamental frequency and

maximum span length of the bridge from the experimental data analysis of 224 bridges (Figure 2-
5).
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Figure 2- 5: Fundamental frequency vs maximum span length of bridges (Amman, 1995)

Furthermore, Zenunovic et al. (2015) conducted a case study and concluded that the natural
frequencies and mode shapes obtained from ambient vibration tests and finite element software
showed good agreement in results. The mathematical response of the new bridge was quite close

to the experimental result while some deviations were observed for the older ones.
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It is not always possible to obtain exact natural frequencies of bridges under regular traffic,
especially for a very busy bridge. If there is an excessive amount of traffic, it is not practical to
obtain an ambient window from the data to extract the natural frequencies due to extreme noise in
the data. Therefore, some researchers such as Siringoringo and Fujino (2012) and Nagayama et al.
(2015) used controlled traffic (one or two passing vehicles of known speed) to accurately obtain
natural frequency. In addition, Siringoringo and Fujino (2012) conducted an analytical and
experimental vibration study by using a model of a two-axle vehicle-bridge system and concluded
that the first natural frequency can be detected with maximum error of 11.4% under 30 Km/h
driving velocity. Moreover, Nagayama et al. (2015) used two passing vehicles to compute the
natural frequency of a bridge and compared the results with analytical values. It was revealed that
under a relatively low driving speed, the analytical and experimental results showed fair agreement

with the largest discrepancy of 3.2%.

To calculate the fundamental frequency from ambient vibration data, Fast Fourier Transform
(FFT) or Power Spectral Density (PSD) analyses are used on vibration signals to extract the
frequencies and modes. An ambient window was found just after excitation and analyzed using
FFT or PSD. Figure 2-6 shows a typical ambient window of a signal while Figure 2-7 shows FFT

analyzed data.
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Figure 2- 6: Ambient window of a signal (Neitzel et al., 2011)
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Figure 2- 7: Averaged frequency spectrum of FFT (Neitzel et al., 2011)

2.2 Non-Destructive Evaluation and Diagnostic Load Test of Bridges

Several Non-Destructive Evaluation (NDE) methods are used for bridge deck inspection and
mapping nowadays. For example, Ground Penetrating Radar (GPR) is a cutting-edge geophysical
instrument which uses radar pulses to scan the deck surface. In a bridge evaluation project, GPR
is used to identify rebars, concrete cover, changes in material properties, voids, and cracks in the
deck. Antennae with higher frequency (e.g., 2.6 GHz) is used for low depth analysis (0-12 inch),
while lower frequency (e.g., 270 MHz) is used for higher depth evaluation (0-18 ft). Figures 2-8
(a) and (b) show a cart mounted GPR and 2.6 GHz antenna with a hand scanner, respectively.
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(@) (b)
Figure 2- 8: GPR device: (a) Car-mounted GPR; and (b) 2.16 GHz antenna

Zaki et al. (2018) used GPR to scan a concrete slab and successfully detected rebar corrosion in
the sample. The process involved casting the concrete slab and then scanning the slab using GPR
with a 2 GHz antenna. After the scanning, imposed current technique was used to collect data from
the GPR. Four different levels of corroded rebars were used to embed inside the slab (Figure 2-9)

to identify and compare the corrosion.
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Figure 2- 9: (a) Corroded rebars of post corroded slab; and (b) Concrete slab after accelerated
corrosion (right) (Zaki et al., 2018)

The a-scan and b-scan results of GPR were analyzed to identify the rebar corrosion in the concrete
slab. The corrosion of the rebar can be detected successfully using the scans at an early age even

before any visual corrosion damage. A-scan results showed lower amplitude and larger wave travel
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times which can be explained by the corrosion products and chloride contents presented in the
corroded rebars (Figure 2-10). The b-scan image was blurred and distorted indicating rebar
corrosion due to the presence of chloride and other corrosive contents. Figure 2-11 shows the
distorted threshold level of the image for the GPR b-scan. To sum up, the scans obtained from the

GPR can successfully detect localized damage of the rebars of the concrete slab due to corrosion.
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Figure 2- 10: a-scan of the concrete slab: (a) Before; and (b) After accelerated corrosion (Zaki et
al., 2018)
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Figure 2- 11: b-scan of the concrete slab: (a) Before; and (b) After accelerated corrosion (Zaki et

al., 2018)

Raju et al. (2018) related the rebar corrosion quantity with the maximum reflected waveform

amplitude from GPR scanning. Accelerated corrosion was used to induce rebar corrosion (Figure
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2-12), and GPR scanning monitored corrosion at three stages: before and after submersion into the
salt-water solution and at the end of a pre-set corrosion period. As expected, the rebar corrosion
mass loss was greater for longer duration corrosion periods, larger rebar sizes, and lower cover.
The data analysis showed that the GPR amplitude increased with increased corrosion activity.
Again, a polynomial curve with high reliability, normalized for rebar size and cover, was proposed
for rebar corrosion loss for a given concrete dielectric constant (Figure 2-13). Correspondingly,
the model was calibrated with the GPR scan data from a portion of a demolished old concrete
bridge deck.

Figure 2- 12: Accelerated corrosion setup (Raju et al., 2018)
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Figure 2- 13: Quialitative relationship between GPR amplitude and rebar mass loss: (a) #4 rebar,

1 in. cover; (b) #4 rebar, 2 in. cover; (c) #7 rebar, 1 in. cover; and (d) #7 rebar, 2 in. cover (Raju

etal., 2018)

Hasan and Yazdani (2015) correlated the maximum positive amplitude of GPR with the reinforced

concrete corrosion quantity. At first, steel rebars were immersed in a 5% brine solution and then

direct current was applied to the rebar ends simulating an accelerated corrosion situation (Figure

2-14). Different levels of corrosion (0% to 45%) were simulated and the extent of corrosion was

altered from 0% to 45% (Figure 2-15). Then the rebars were put inside three oil emulsion tanks

with various dielectric constants similar to concrete and the maximum amplitudes from GPR were

documented for the corroded bars. The maximum positive amplitude of GPR and the area loss due

to corrosion of rebars demonstrated a linear relationship (Figure 2-16). It was concluded that the

linear relationship between the GPR maximum amplitude and the rebar corrosion can be used as a

quantitative NDE technique to assess corrosion.
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Figure 2- 14: Tank for accelerated corrosion (Hasan & Yazdani, 2015)

Figure 2- 15: Rebars with different degrees of corrosion (Hasan & Yazdani, 2015)
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Figure 2- 16: Maximum amplitude vs rebar area loss: (a) Dielectric constant 2.73; (b) Dielectric

constant 5.47; and (c) Dielectric constant 9.3 (Hasan & Yazdani, 2015)

Hasan and Yazdani (2014) used GPR contour map to construct a full-scale evaluation of concrete
covers in a new bridge deck (Figure 2-17) and concluded that a significant portion (48%) of the
bridge deck had inadequate cover. Inconsistency of rebar cover depths in a bridge deck might

create challenges such as corrosion or reduced moment capacity due to reduced moment arm.
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Figure 2- 17: GPR contour map showing the cover for a new bridge deck (Hasan & Yazdani,
2014)

Apart from GPR, Impact Echo (IE) can be used to evaluate bridge deck by detecting the
possibilities of delamination in concrete successfully. Gucunski et al. (2005) used IE and GPR on
asphalt-overlaid bridge decks to estimate concrete deteriorate quantities and possible delamination
in the deck. Similarly, Kee et al. (2012) simulated delamination and cracks on a concrete bridge
deck, assessed the defects with air-coupled IE and infrared thermography (IR) and the results from
both the NDE methods showed good agreement with most of the actual defects. Furthermore,
Gucunski et al. (2008, 2009) combined IE with other ultrasonic seismic devices to create an
improved system of a bridge deck sonar device. For example, Phase Array Ultrasonic Testing
(PSPA) device can be used to evaluate the surface of the pavement layers of bridge decks. Figure
2-18 (a) shows the upper condition assessment plot of the Carter Creek Bridge and the deck
appeared to be in good condition with few initial and propagated delamination with a minor zone
of serious delamination. On the contrary, Figure 2-18 (b) shows the bottom condition assessment
plot of Van Buren bridge deck which showed significant deck deterioration and delamination. The
deck was tested for delamination with chain drag and the results obtained from the drags were
compared with the PSPA results. Both the chain drags and PSPA indicated seriously propagated
delamination. However, chain drag is a very basic method which can only detect serious
delamination with frequencies in the audible range. Therefore, the initial mild delamination
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detected by the PSPA could not be identified by the chain drags. The advanced mechanism of
PSPA enables the device to detect initial delamination which allows more accurate assessment of
the delamination boundary and precise prediction of future propagation. Also, a better
rehabilitation measure can be taken initially when minor delamination is detected before the
member is too deteriorated to be recovered.
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Figure 2- 18: Condition assessment maps: (a) Carter Creek Bridge; and (b) VVan Buren Bridge
(Gucunski et al., 2008)

NDE methods including GPR and IE can help to locate localized cracks and delamination in the

superstructure while experimental load testing can accurately determine a bridge’s load efficiency
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and load-carrying capacity (Schulz, 1993; El Shahawy & Garcia, 1989; Fu et al., 1992; Bakht &
Jaeger 1990; Markey 1991; Moses et al., 1994, Bujnakova et al.,2018). Additionally, load testing
provides a better understanding of the load paths and their distribution through the bridge structure
(Lichtenstein, 1995). Diagnostic load tests are performed to determine bridge characteristics, load
response, and distribution or to validate the analytical model (AASHTO, 2017). Not to mention,
several DOT’s have been using diagnostic load testing to evaluate condition assessment and load
rating of existing bridges effectively (Lucas et al, 2004; Hag-Elsafi et al, 2006; Matta et al, 2005;
TxDOT, 2020).

2.3 Finite Element Modeling and Calibration of the Test Bridge

Finite Element (FE) modeling has been used extensively by researchers for load rating and
evaluation purposes (Barr et al., 2006, Mabsout et al. 1997). Chung and Sotelino (2006) compared
the deflection, strain, and distribution of a bridge superstructure using four different modeling
techniques, and their FE model was in good agreement compared to the experimental results. Yost
et al. (2005) concluded that a calibrated FE model shows a higher load rating value than a
traditional FE model by conducting load rating on 200 highway bridges. Their results were used

to remove the load posting of numerous bridges.

2.3.1 Concrete Damaged Plasticity Modeling

Modeling material properties accurately plays a significantly important role in FE. While there are
different constitutive models available to model the behavior of concrete, the smeared crack model
and the plastic damage model are the two most commonly used methods. For example, concrete
compressive and tensile properties are often modeled as concrete damaged plasticity in ABAQUS
(2018). Because concrete damaged plasticity has a higher probability of convergence than the
smeared crack model. The nonlinear behavior of concrete is related to the process of damage and
plasticity which can be attributed to microcracking, strain softening, and volumetric expansion.
The damaged plasticity leads to loss of strength and stiffness of concrete (Cicekli et al. 2007;
Grassl & Jirasek 2006; Lubliner et al. 1989). ABAQUS (2018) uses the plasticity model proposed
by Lubliner et al. (1989). The compressive and tensile behavior of concrete is as shown in Figure
2-19.
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Figure 2- 19: Response of concrete to uniaxial loading: (a) Tension; and (b) Compression

Under uniaxial tension, the stress-strain response follows a linear elastic relationship until the
value of the failure stress, o1, IS reached. The failure stress corresponds to the onset of micro-
cracking in the concrete material. Beyond the failure stress, the formation of micro-cracks is
represented macroscopically with a softening stress-strain response, which induces strain
localization in the concrete structure. Under uniaxial compression, the response is linear until the
value of initial yield, oco. In the plastic regime, the response is typically characterized by stress
hardening followed by strain-softening beyond the ultimate stress, ccu (ABAQUS, 2018). The

stiffness degradation of concrete after the onset of microcracking is defined by a damage factor, d
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which has a value of zero for the undamaged section and one for the damaged section. Lubliner et
al. (1989) proposed a simple damage model where plastic degradation occurs only in the softening
range and is proportional to the compressive strength of the concrete. The damage factor, d is
defined by the equation 2-1 where f is either the compressive strength or the tensile strength of

concrete.

d= 1- off (2-1)

2.3.2 Calculating Prestress Loss

Prestress forces are calculated according to AASHTO (2017) LRFD Bridge Design Specification
by applying short-term and long-term losses for the girders’ and the panels’ low-relaxation strands
as a part of model calibration with the experimental results. The calculated forces are applied to

the model to simulate the actual prestress in the strands.

Prestress loss for the strands of the girders and the deck is calculated based on equation 2-2,
fer=fpes+fpLT (2-2)

Where:

fer = Total Prestress loss

fres = Prestress loss due to elastic shortening

feLT = Prestress loss due to long-term effects

Prestress loss due to elastic shortening is calculated based on equation 2-3,

_ Aps fpi (Ig+e,,2Ag)—emMgAy

AglgE i
9°9~ci
Aps(lg+em2Ag)+ Eps

(2-3)

fres

Where:
Aps= Area of prestressing strands

foi= Initial prestress, (0.75 fou)
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fou= Ultimate strength of prestressing strands

Is= Moment of inertia of girder/panel

em= Eccentricity

Ag= Area of girder/deck

Mg= Moment due to self-weight

Eci= Modulus of elasticity of concrete during the release
Eps= Modulus of elasticity of steel

Long term prestress loss is calculated based on equation 2-4,

fpi Aps
Ag

feLr=10 Yy. Ysr (2-4)

Where:
Yn=1.7- 0.01H, H= Humidity in percentage

Yst=

—%f,_, f’ci= Concrete strength during the release

2.3.3 Applying Prestress Using Thermal Loading

The prestressing effect can be modeled in ABAQUS (2018) using either initial strain or initial
temperature (thermal load). The thermal load is used in the critical cases since it can be controlled
during loading steps by varying the strand temperature. The applied temperature, C (°C) for the
required prestress can be obtained from equation 2-5 (Ren et al., 2015).

C=— (2-5)
Where:
P = Prestressing force considering all losses

¢ = Coefficient of linear expansion (1x107°)
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E = Modulus of elasticity of tendons

A = Cross-sectional area of the tendons

2.3.4 Energy Balance of Finite Element Modeling

Energy balance is an important part of the linear and non-linear Finite Element Analysis (FEA).
For both static and transient dynamic analyses, the total energy should remain constant throughout
the solution duration. Energies are often overlooked in FEA, leading to inappropriate responses in
the structure. However, comparisons between various energy components should be used to
evaluate whether an analysis is provides an appropriate response or not. This is required in
problems involving significant instabilities which can either be global or local. The global
instabilities can arise due to the release of accumulated strain energy as a result of buckling or
snap, while the latter can be a result of localized buckling, localized material softening or contact

separation (Optimec Consultants, 2020).

The most general means of evaluating the accuracy of response in FEA involves studying various
model energies. The energy balance equation in ABAQUS (2018) is shown in equation 2-6.

Ei+Ev+Erp+Eket+Eine-Ew-Epw-Ecw-Emw-EnF=Etmi=constant (2-6)
Where:
Ei= Internal energy
Ev= Viscous energy dissipated
Erp= Frictional energy dissipated
Eke= Kinetic energy
Eine= Internal heat energy

Ew= Work done by the externally applied force

47



Erw= Work done by contact penalties

Ecw= Work done by constraint penalties

Emw= Work done by propelling added mass

Enr= External heat energy through external fluxes
Etotar= Total energy

In the numerical model, the total energy is only approximately constant, generally with an error of

less than 1%.
2.3.5 Modeling Partial-Composite Action

During designing a composite beam of a bridge, an assumption is made that full interaction or full
composite action is achieved. However, even under the smallest loads, a slip will emerge in the
structure and change the behavior of the bridge by developing partial-composite action
characteristics. Normally full composite action develops when a total interaction between the
elements is achieved as a result of the shear connectors preventing slip to arise in the interface
between the elements. This allows the two elements to act together with a common neutral axis
and a linear strain distribution that is illustrated in Figure 2-20. Full composite action requires that
the mechanical shear connectors are strong enough to withstand any type of failure or slip of the

dowel i.e. the steel girders or concrete goes to failure first.

No Endslip Full-Composite Strain Stress

Figure 2- 20: No end slip on full-composite beam with stress-strain distribution (University of
Ljubljana, 2016)
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Partial-composite action on a girder is when the flexural strength will be decided by the mechanical
shear connector’s strength instead of the concrete plastic limit state which is the deciding factor
on full composite action (Kwon, et al., 2007). The neutral axis location for a partial-composite
beam will be somewhere between the neutral axis for a fully-composite and non-composite beam.
Nevertheless, knowing the exact location of the neutral axis depends on several parameters for
the beam including the percentage of shear connector ratio chosen. A simplified view of the

stresses on a partial-composite beam can be seen in Figure 2-21.
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Endslip Partial- Composite Strain Stress

Figure 2- 21: Endslip on partial-composite beam with stress-strain distribution (University of
Ljubljana, 2016)

Currently, no design codes exist in Eurocode or AASHTO (2017) for using partial-composite
action in bridges so a bridge using shear connectors must either be designed as non-composite or

fully composite.

To model the partially-composite action in FEA, the contact properties of the elements have to be
varied. In this case, cohesive contact behavior can be used which is primarily intended for
situations in which the interface thickness is negligibly small. This specific contact is defined as a
surface interaction property which can be used to model the delamination at interfaces indirectly
in terms of traction versus separation. To emphasize, cohesive contact assumes that the failure of
the cohesive bond is characterized by progressive degradation of the cohesive stiffness
(Benzeggagh et al., 1996).

The cohesive contact behavior requires three parameters to be defined: Knn, Kss, and Ki. The first
parameter is the normal stiffness coefficient while the other two refer to shear stiffness.

Albraheemi (2018) set the first parameter to a large number (109 Ib./in?) during modeling partially
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composite girder-deck system of a steel-girder bridge since this parameter is related to surface
separation. He assumed the other two parameters (shear stiffness coefficients in the plane of the

cohesive element) as equal.

2.4 Retrofitting and Stiffening the Superstructure for Partial-Composite

Action

No retrofitting methods have been applied on the prestressed concrete girder bridges yet to increase
composite action between the girders and the deck/panel system. During design and construction,
shear rebars are provided which are embedded inside the girders and the cast in place deck.
Regardless, there are several methods for post-installing shear connectors onto existing steel

bridges. Four different methods were examined by Olsson (2017) which are presented here:

2.4.1 Welded Headed Studs

Welded headed studs can withstand horizontal and vertical tensile forces from all directions due
to their cylindrical head. Figure 2-22 shows the simple method of installing these studs. However,
post installing these connectors during retrofitting an existing bridge is difficult and time-

consuming since the girders and the concrete deck must be exposed.

Figure 2- 22: Welded headed studs mounted onto a girder (Sinoars, 2016)
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In Norway, water blasting was used to uncover the steel girder without damaging the reinforcement
which is shown in Figure 2-23 (Collin, et al., 2015).

Figure 2- 23: Headed studs welded to the steel girder after water blasting (Collin, et al., 2015)

In order to expose the rebars and post installing shear connectors, traffic has to be closed which is
costly and time-consuming. Traffic disturbance can be reduced by installing connectors on one
girder at a time. First, the pavement and the waterproofing membrane need to be removed, the
concrete can be removed by using water blasting to expose the steel girders later. Next, the studs
need to be welded on the steel girder and concrete can be poured to fill the gaps. Finally,

waterproofing and pavement should be installed to complete the retrofitting.

2.4.2 Bolted Shear Connectors

Bolted connectors use friction to transfer the stresses into the steel girders. Similar to the welded
connectors, pavement and waterproofing must be removed before installing the connectors.
However, access from both top and bottom is required during tightening the connectors. Various
types of bolted connectors are shown in Figure 2-24 and their installation procedures are quite

similar.

+ + o
a) fiction b) without ¢) single d) double
grip bolt embedded nut  embedded nut  embedded nuts
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Figure 2- 24: Various kinds of bolted connectors (Veljkovic, et al., 2013)

Kwon, et al. (2009) used different types of bolted connectors successfully during retrofitting a
three-span steel girder bridge in Hondo, Texas which is shown in Figure 2-25.
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Figure 2- 25: Different bolt connectors used by Kwon, et. al. (2009): (a) Double-nut bolt

connector; and (b) High-tension friction-grip bolt connector

The procedure of installing bolted shear connectors involves removing pavement and
waterproofing membrane, drilling concrete from the top side of the slab (the hole needs a sufficient
diameter to fit the head of the bolt), drilling a second smaller hole through the steel top flange from
the top side of the slab using the same hole as in the previous step and putting the bolt, nut, and

washer into place as well as tightening the anchors with a torque wrench and pouring grout to fill
the gap of the concrete slab.

2.4.3 Coiled Spring Pins:

Coiled spring pins are cylindrical with no specific shapes and are force-fit during installation.
These can be installed from the bottom of the steel girders without any adhesive or grouts with no
traffic interruptions. (Craig, et al., 2001). Figure 2-26 shows a sample of the coiled spring pin.
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Figure 2- 26: Coiled spring pin

Coiled spring pins have also been successfully used in creating composite action on a non-
composite bridge (Pitsund Bridge). The installation involves drilling through the steel flange and
into the concrete deck from underneath, applying lubricant and corrosion protection into the hole
and pressing the spring pins into place by using a hydraulic jack. Figure 2-27 shows the installation

of a spiral pin into a bridge.

Figure 2- 27: Hydraulic jack used for inserting spiral pins into the bridge (Collin, et al., 2015)

2.4.4 Adhesive Anchor

The adhesive anchor consists of a threaded rod, nut, and an adhesive compound which relies on
adhesive forces to create the connection with concrete. The method of installing the anchors is
very similar to coiled spring pins. The anchors have lower fatigue strength compared to the welded
and bolted connectors thus more anchors need to be installed (Kwon, et al., 2009). Figure 2-28
shows adhesive anchor used by Kwon, et. al (2009) on a bridge near Hondo, Texas.
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Adhesive anchor (HASAA) connector

Figure 2- 28: Adhesive anchor (HASAA) connector (Kwon, et al., 2009)

Installation of the adhesive anchor consists of the following steps: Drilling through the steel top
flange and partly into the concrete deck from underneath, injecting adhesive into the hole, inserting
the threaded rod in a twisting motion and installing the nut and washer with a torque wrench after
the curing of the adhesive.

Kwon, et al. (2007) offered two other methods to introduce composite action between non-
composite steel girders and concrete deck which are: stud welded to a plate; and epoxy plate.

2.4.5 Stud Welded to a Plate

The stud is welded to a separate plate that is then fillet welded onto the side of the girder (Figure
2-29)

Figure 2- 29: Stud welded to a plate
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2.4.6 Epoxy Plate

The epoxy plate uses adhesion to transfer shear between the girder and the deck. Next, a steel plate
is welded to the edge of the top girder flange. Epoxy is then injected to fill the gap between the
slab and plate until epoxy ejects through the holes (Figure 2-30).

U

Figure 2- 30: Epoxy plate

2.4.7 Stiffening Superstructure to Increase Natural Frequency and Reduce Vibration

Besides providing shear connectors to develop composite action, increasing stiffness of the system
can be another way of increasing the natural frequency hence reducing the vibration of highway
bridges. TxDOT-Bridge Division (2009) provided some ideas and implemented them on a
pedestrian bridge in Oklahoma state. These methods are as follows:

2.4.7.1 Continuous Deck Slab

This method stiffens the superstructure by eliminating hinges at bents. The idea is to remove the
last few feet of the slab ends and re-cast them without an expansion joint. One disadvantage of this

method is that it disrupts traffic, which could be mitigated by staged construction.

2.4.7.2 Widening Bent

This involves stiffening the bent through additional columns and frame action. Figure 2-31 shows
a typical bent widening by adding additional columns to a pedestrian bridge. This method is very

expensive but requires no traffic interruption.
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Figure 2- 31: Widening bent of a pedestrian bridge

2.4.7.3 Stiffening Bearing Pad

Shear keys keep the bearing pads from translating laterally. This is the least expensive method that
requires no disruptive installation. Figure 2-32 shows the shear keys installed between the bearing

pads of a pedestrian bridge.

(@) (b)

Figure 2- 32: Stiffening bearing pads by installing shear keys: (a) View from the top; and (b)
View from the bottom
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Chapter 3

BRIDGE DESCRIPTION
3.1 Introduction

The Sh-75 SB Bridge over Wilson Creek is located in McKinney, TX (Figure 3-1). The bridge
consists of prestressed concrete girders with four spans in the SB direction (Figure 3-2). The total
length of all spans is 440 feet. The deck thickness is 8.5 in., consisting of cast-in-place (CIP) deck

on precast prestressed concrete deck panels. Span 3 was chosen for evaluation to optimize the
work.
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Figure 3- 1: Location map of the US 75 over Wilson Creek Bridge
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Figure 3- 2: Wilson Creek Bridge, McKinney

The Bridge was observed to have excessive vibration, cracking, and potholes on the concrete deck.
The University of Texas at Arlington (UTA) team was, therefore, requested by the Dallas District
Bridge Section to evaluate the subject bridge. The bridge is fairly new and was constructed in
2011. Therefore, it is unusual for it to experience excessive vibration, cracking, and potholes. The
UTA team initially visited the bridge site on January 29, 2018, with personnel from the Bridge
Section and Area Office. Extensive transverse and longitudinal cracks, marked by the red lines in
Figure 3- 3, were observed on top of the deck surface. TXDOT officials informed the team that a
pothole appeared on top of the deck and was subsequently repaired (Figure 3-4). Unusually high
vibration was also felt on the deck as heavy traffic flowed over the bridge.
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Figure 3- 3: Visible cracks on the deck
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Figure 3- 4: Repaired pothole on the deck.

3.2 Material Properties

Relevant material properties of span 3 are shown in Table 3-1.

Table 3- 1: Wilson Creek SB Bridge (Span 3) properties

Properties Value
Concrete compressive strength (deck) (f°¢c, deck) 4 Kksi
Concrete compressive strength (girder) (fc, girder) 6.2 ksi
Number of prestressing strands in each Tx54 girder 50
Strand size 0.5in.
Strand ultimate strength 270 ksi
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3.3 Layout and details

The slab plan and transverse typical sections of span 3 are shown in Figures 3-5 and 3-6,
respectively. Tx54 prestressed girders were used, and the typical section is shown in Figure 3-7.
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Chapter 4
EXPERIMENTAL PROCEDURE

4.1 Instrumentation for Load Testing

A detailed plan was prepared for the instrumentation and static load testing. Only the
superstructure behavior was investigated herein. Span 3 of the SB Bridge was selected for both
phase 1 and 2 load tests to optimize strain gages and rotational tiltmeters instrumentation.
Additionally, traffic closure was not required for the instrumentation since there were vacant
spaces under the bridge for boom-lift operation. The instrumentation was conducted in three
different sections along the length of the girders. The data acquisition system was placed in the
middle of the bridge under Bent 4. All strain gauge wires were run along the length of the girders
to the middle of Bent 4 where these were connected to the data acquisition box. The wireless data
acquisition system for the rotational tiltmeters were kept on the top of Bent 4. DS-50A and STS4
DAQ boxes were used to collect the data from the instrumentation at a rate of 10 data per second.
The instrumentation procedure is provided in the following sub-sections.

4.1.1 Phase 1

A total of 26 strain gauges and 12 rotational tiltmeters were installed on the concrete surface. The

strain gauge and tiltmeters locations are shown in Figure 4-1.
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Figure 4- 1: Instrumentation plan for load testing

Some girders were equipped with both top and bottom strain gages to find the location of the

neutral axis.

The installation process of strain gauges on the concrete surface was as follows:
e The locations for the strain gages were marked on the concrete surface.
e The concrete surface was made smooth by sanding or grinding.

e The area was cleaned by acetone to remove dirt, dust, and other particles. Water was used
to clean off the acetone.
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e A fast-setting epoxy was used to fill the voids in the concrete and provide a smooth surface

for strain gages.
e (Gauges were attached to the concrete with CN-E adhesive.

e The wires were run along the length of the girders and collected at the top of the bent cap.

Rotational tiltmeters were installed at a distance of 2 ft. from the center of bents. A strong setting
epoxy was used to attach the tiltmeters to the bottom center of the girders. The strain gauge and
rotational tiltmeter installation was performed with a man lift. Figure 4-2 (a) and (b) show an

attached rotational tiltmeter and the attached bottom strain gages under the girders, respectively.

(@) (b)

Figure 4- 2: Load testing instrumentation: (a) Rotational tiltmeter; and (b) Attached strain gages

4.1.2 Phase 2

Ten strain gages from the first test were left in place to be used for the proposed follow-up test.
Moreover, 16 new strain gages were installed at the top and bottom flanges of the girders, as shown
in Figure 4-3. As per the request from the Dallas District Bridge Division, six strain gages (shown
by green circles in Figure 4-3) were placed at the bottom of the deck. The rotations of the girders
were monitored by 12 rotational tiltmeters installed on six selected girders.
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Figure 4- 3: Instrumentation plan for load test

The installation process of strain gauges and rotational tiltmeters on the concrete surface was

similar to the previous instrumentation method.
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4.2 Load Testing of The Bridge
4.2.1 Phase 1

A static load test was conducted on Span 3 (between Bents 3 and 4) of the Wilson Creek Bridge.
Three trucks were used for this purpose. The distance between the front wheel axle and the first
back wheel axle was 13.5 ft. while the distance between the two back wheel axles was 4.5 ft. The
dimension of the test trucks is shown in Figure 4-4 and the weights of each axle are shown in Table
4-1.

Figure 4- 4: Dimension of the test trucks

Table 4- 1: Truck axle weights for load test

Weights Truck A (kip) Truck B (kip) Truck C (kip)
Gross vehicle weight (GVW) 42.98 44.38 46.92
Axle 1 weight 9.5 9.76 10.58
Axle 2 weight 16.74 17.31 18.17
Axle 3 weight 16.74 17.31 18.17

The following procedure was followed for the static load testing:

e Marking on top of the bridge was made on the day of the load testing. The start of the
bridge, the end of the bridge, and intermediate span locations were marked.
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e Spray paint was used to mark the paths so that it would be visible to the truck during the

test. Stop locations were also marked on the paths for trucks to stop at certain locations.

e The crawl speed test was carried out according to the AASHTO Manual for Bridge
Evaluation (2018). The truck started from the beginning of Bent 4 and stopped at the end

of Bent 3. Only truck C was used for the crawl speed test.

¢ Inthe stop location test based on the AASHTO Manual for Bridge Evaluation (2018), three
trucks were used simultaneously. The trucks were moved to a predetermined stop location

on Span 3 of the bridge (mid-span) so that the effect on the bridge could be recorded.

e The deflection and strain readings from the crawl speed test and stop location test were
collected through a data acquisition system.

Figure 4-5 shows the location of the trucks during the crawl speed test and stop location test. The

details of the path location, speed, and truck wheel location for each test are shown in Table 4-2.
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Figure 4- 5: Location of trucks during load tests
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Table 4- 2: Truck speeds and location for Crawl Speed Test

Path Run Speed (ft./s) Location of the right wheel from the west
edge of the deck (ft.)

P1 1 7.33 4.5
2

P2 1 7.33 23.9
2

P3 1 7.33 69.5
2

Two runs with different speeds were conducted for Paths P1, P2, and P3 for a better understanding
of the behavior of the bridge. From Figure 4-5, Path P1 was selected to produce maximum effect
on the exterior girder B1, as the right wheel was located on the top of girder B1. Paths P2 and P3
were selected to investigate the effects on the interior girders (B2 - B10). The Paths for stop
location test were selected to produce maximum effects on girders B3-B7. Figure 4-6 shows the
trucks in position for the load test.

Figure 4- 6: Trucks in position for load test
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4.2.2 Phase 2

The area office was requested to provide three dump trucks with axle weights similar to the first

load test for the follow-up test. The dimension of the trucks was similar to the previous ones. The

weight of each axle is shown in Table 4-3.

Table 4- 3: Truck axle weights for load test

Weights Truck A (kip) Truck B (kip) Truck C (kip)
Gross vehicle weight (GVW) 42.46 44.28 44.84
Axle 1 weight 9.74 11.20 10.88
Axle 2 weight 16.36 16.54 16.98
Axle 3 weight 16.36 16.54 16.98

A similar procedure, load paths, and vehicle speeds were maintained for the Phase 2 load test to

achieve comparable results. Two runs for each Path, P1, P2, and P3 were again conducted to verify

the repeatability of results. Figure 4-7 shows the trucks in position for the stop location test.

Figure 4- 7: Trucks in position for the load test
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4.3 Truck Mounted GPR

A GSSI SIR-30 brand GPR was utilized herein. Multiple antennae with truck mount were used
(Figure 4-8) at a speed of about 5 mph which is a very efficient and time-saving method for bridge
deck scanning compared to the usual method of GPR scanning with a tri-wheel pushcart using a

single antenna.

Figure 4- 8: Truck mounted GPR

GPR scanning was performed in parallel lines every 2.5 ft. apart towards the direction of traffic.

Figure 4-9 shows the GPR scanning grid.
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Figure 4- 9: GPR scanning grid

4.4 1E Device

The IE system is used to determine the delamination condition and thickness of concrete structural

members when voids, honeycombs, and/or cracks are suspected. The device creates an impact at
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a spot on the surface and then records and analyzes the echo. Unlike the GPR, the IE system is a
spot scanning device, which is used to scan discrete data points in a pre-determined grid on the

concrete deck surface. Figure 4-10 shows the IE device that was used herein.

Figure 4- 10: IE Device

The IE data were gathered at discrete points with variable spacings (2.5 ft. to 5 ft. spacing) on a
pre-selected grid pattern, post-processed and then analyzed. Results of IE data analysis at each
point provided the state of any delamination at that point. The IE scanning grid showing the data
points is shown in Figure 4-11.
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Figure 4- 11: Working grid for IE scanning

4.5 NDE Procedure

e Firstly, the traffic on top of the bridge was controlled to facilitate the NDE work on Span
3 of the SB bridge.

e Square grids with 2 feet 6 inches spacing were marked on the deck surface.
e |E and GPR were used to scan the top of the bridge deck along the grid lines.
e |E scan was done one spot at a time and the GPR scan was performed by line scanning

using the truck mount (two 2.6 GHz and one 400 MHz antennae covering multiple depths).
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e Scanning was performed over three days. Lanes 1, 2, and 3 and west side shoulder were
scanned on the first two days and the remaining two lanes (Lanes 4, 5, and east side

shoulder) were scanned on the third day. Lane closure segments are shown in Figure 4-12.

e The data were analyzed according to the grid to find out any possible delamination or

debonding.
<= N
Span 3
Lane 5
First Segment of Traffic
Closure and NDE
Lane 4
Lane 3
Lane 2 First Segment of Traffic
Closure and NDE
Lane 1 Turn lane towards
Eldorado Pkway

Figure 4- 12: Segments of Traffic Closure for NDE

4.6 Ambient Vibration Test

Ambient vibration test under regular traffic was conducted for the SH-75 SB Bridge to obtain the
accelerations of the girders and the deck in different directions. Two other control bridges with no
significant vibration issue (Wilson Creek NB Bridge and Virginia Parkway NBML Bridge) were
also tested to compare the accelerations with the SB Bridge. The data collection at each location
involved taking readings for 15 minutes at a rate of 100 data/sec using a slamstick vibration meter.

The vibration testing procedures for the three test bridges are described here in this section.
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4.6.1 SH-75 SB Bridge

Ambient vibration test was conducted on span 3 of the SB Wilson Creek Bridge and data was
collected from six girders, five locations on the deck, two bearing pads, and three locations on the

bent caps. Figure 4-13 shows the locations of the vibration meter under the deck and the girders.
Bent 4 Bent 3
Seq 1 1oor Secy2 Secy3 —E',L

Girder 1 —}

9.6

~@—eH,

Girder 2

9-6"

Girder 3

©
g

Girder 4

t=}
=2l

<=

TRAFFIC FLOW
DIRECTION

Girder 5

©o
=]

R T SR B i O R
|

Girder 6

Girder 7

Girder 8

Girder 9

Girder 10

el ol o L o 1 ol o 1 "

Girder 11

_‘

18 -— 15" —~
40

SPAN 3

© Vibration Slam Stick Location

Figure 4- 13: Locations of vibration meter under the deck and the girders for SB Bridge

Figure 4-14 shows the vibration meter under a girder, under a portion of the deck, on a bearing
pad, and in the middle of the bent cap of the bridge.
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(©) (d)

Figure 4- 14: Vibration meter under the Wilson Creek SB Bridge: (a) Girder; (b) Deck; (c)
Bearing pad; and (d) Bent cap

4.6.2 Wilson Creek NB Bridge
The Wilson Creek NB Bridge was tested for ambient vibration to compare with the SB Bridge.
Span 3 was selected for the ambient vibration to avoid traffic closure. Figures 4-15 and 4-16 show

the plan and typical transverse section of span 3 of the bridge, respectively while Table 4-4 shows
a comparison between the SB and NB bridge data.

75



w

- iy b
r 1 L& | ig
L s &
—— SR e |
STA 771+20,00 CREEK
EL = 585.10 i T, ;grxlq'ig%_(g_
‘ e g L
1 T (BN L -
e Sravasay |  LIMITS OF RIPRAP —4 8
bl m ] +
2l3 : ~
' | bl e S w5 - [ - - - - F
FACE OF ABUT " '
ot M oo ' CONTROLLED uT” <
s 21 | ' OR CONST JTi b
- S R g o
? — g | 4 /_laaovzm v AZ CLA w
.“.‘g SEJ-A | | S W1 S 1o o I i z
' — - - | ) oo
. PHASE CONST JT—/ | | 2] 5:'
— | M 1+ (—POINT OF (&)
N | :
: | '
s i . =
% 25
: N 39 " 8 |
NBFR BRIDGE—. ' '
it : “Lexisting |
!’; i - /Y _VARIES
it L (TO RENATN)
i 7
= i JEST Hoe 8-10 ‘ |
il Uszs  * !
" i |
&
Figure 4- 15: Plan view of the NB Bridge
a6’ -p* Gvarall
1'-0 i 16°-9" i EA" =0*, Roodway A
S6'-8" ~ Phose 4 construeticn 29'-4" ~ Fhasa 3 1 _Const +il |
@ ‘L k Hominal
. P Foce of Ral |
i Yo" Ena cover I HEE
[Typl “le ™ ol
* pax t| T
3z T ot 9% Max EF{ =
|
o ———
.
5 q
53 '
&= . i
5 1 I
] . ¥ "
E g Girder Mo, | E i ’
|_’_ | € oledor ba. 7 —f £, Girder Ma. to—-l'
ml £ Sooces of 9.000° « 54.080° | 3 Spoces ot 8657 : 2, 000°
Showing Thi End | Showlng Typical Stab
P L TRANSVERSE SECT
_ e

1SPAN WD, 3

Figure 4- 16: Typical transverse slab section of the NB Bridge

76



Table 4- 4: Comparison between SB and NB bridges

Properties SB Bridge NB Bridge
Span length 100 ft. 100 ft.
Width 98 ft. 86 ft.
Girder type Tx54 Tx54
The spacing of the girders 9-9.5 ft. 8.67-9 ft.
Number of girders 11 10

Vibration data were collected from five girders and some portions of the deck. The ambient
vibration testing plan of the NB Wilson Creek Bridge is shown in Figure 4-17.
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Figure 4- 17: Locations of vibration meter under the deck and the girders for SB Bridge
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4.6.3 Virginia Parkway NBML Bridge

To obtain a comprehensive reference data set for comparison with the SB Wilson Creek Bridge,
the Dallas District Bridge Division suggested the UTA team to identify a nearby similar bridge
with no unusual vibration issues. Thus, Virginia Parkway NBML Bridge on US 75 in McKinney,
TX was identified for ambient vibration testing (Figure 4-18). The bridge was selected since it has

open space under the first span, making it readily accessible for instrumentation without requiring
traffic lane closure (Figure 4-19).
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Figure 4- 18: Google map location of Virginia Parkway bridge

Figure 4- 19: Accessible space under the Virginia Parkway Bridge

Span 1 was selected for the ambient vibration test to avoid traffic closure under the bridge. Figures
4-20 and 4-21 show the plan and typical transverse section of span 1 of the bridge, respectively.

Table 4-5 shows a comparison between the Virginia Parkway Bridge and Wilson Creek SB Bridge
since their vibration data were compared.
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Table 4- 5: Comparison between Virginia Parkway Bridge and Wilson Creek SB Bridge

Properties Wilson Creek SB Virginia Parkway Bridge
Bridge
Span length 100 ft. 125 ft.
Width 08 ft. 08 ft.
Girder type Tx54 Tx54
The spacing of the girders 9-9.5 ft. 7.5-8 ft.
Number of girders 11 13

Vibration data was collected under nine girders and six segments of the deck. Some of the bearing

pads and some locations of the bent cap were also instrumented. Each data set was collected for
15 minutes for optimization purposes.

Figure 4-22 shows the locations of the vibration slam stick under the girders and deck during the
vibration testing.
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Figure 4- 22: Locations of the vibration data logger for the Virginia Parkway Bridge
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4.7 Vibration Test during Static Load Test

During a static load test, some of the girders (Girder 1 during Path P1, girder 4 during Path P2 and
girder 8 during Path P3) and a portion of the deck (between girders 3 and 4 during Path P2) were
instrumented with the vibration data logger. Then, the load test was repeated at velocities of 10,
20, 25, 30, 50, and 60 mph along paths P1, P2, and P3. The instrumentation plan for the vibration
data logger is shown in Figure 4-23. Figure 4-24 shows a dump truck on the span for the load test

while the vibration meter was placed under a girder.

Girﬂer 1 Girder 11

—-—— 4I_Ell

Girder 1
23y ——d
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Y _ _ N
Girder 1 Girder 11

ESI-E" |

% Locations of the Vibration meter

Figure 4- 23: Load test paths with the vibration data logger location
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Figure 4- 24: Dump truck for vibration test during static load testing
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Chapter 5
FINITE ELEMENT MODELING

5.1 Initial Model Development

Modeling of a girder of span 3 of SH-75 SB bridge was done using ABAQUS CAE (2018). To
optimize the modeling work, five girders with the precast panel and composite deck were modeled
in ABAQUS (2018). The justification for modeling five girders can be provided by this fact that a
single dump truck only has major effects on nearby three to four girders during a load test. Tx54
girders were used for this bridge with 50 prestressing strands each having 0.5 in. diameter. The
girders consist of seven types of mild steel including the shear reinforcement. Figure 5-1 (a) shows
the Tx54 girders with mild rebars while Figure 5-1 (b) shows the mild steels of the girders

separately.
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Figure 5- 1: Tx54 girder: (a) Mild rebars shown in the girder; and (b) Mild rebars shown

separately
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All the prestressing steels and the mild steels were modeled and assembled inside the girder. Figure
5-2 shows the reinforcements of the girder in the ABAQUS (2018) interface.

Figure 5- 2: Reinforcements of the girder in ABAQUS (2018) interface

The materials, sections, and prestressing strands properties were defined following the as-built
drawing. The panels were modeled according to the typical TXDOT non-skewed panel plan which

is shown in Figure 5-3.
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Figure 5- 3: Typical TXDOT non-skewed panel plan

85



0.5 in. diameter 270 ksi prestressing steels with a spacing of 6 in. were used as transverse
reinforcement while #3 mild steels with 6 in. spacing were used for the longitudinal reinforcement
for the panel. The thickness of the panels was 4 in. with concrete compressive strength of 5 ksi.
The location and placement of the panels are shown in Figure 5-4 according to standard TxDOT

panel drawings.

I Contractor must coordinale necessary
ad justment to  stud connector placement
with panel and steel beam fabricators.

See 5pan Details for Beam Spacing

£ Beam—=| |"—?- Beam
i i

i Panel Width Varies (Max =9'=0") i

See Table B See Table A

Edge of HPE"““‘&___
| —;’/p.j—ﬂﬁ'r's U : — I

PRESTRESSED CONCRETE
STEEL BEAMS BEAMS OR GIRDERS

Typ uniess noted otherwise

Figure 5- 4: Location and placement of typical TXDOT panel for prestressed concrete girders

The panels were meshed accordingly and translated on the top of the girders according to the
standard TxDOT panel plan. Figure 5-5 (a) shows the panels translated on the duplicated girders
in ABAQUS (2018) interface while Figure 5-5 (b) shows the rebar wireframes of the panels and

the girders.

(@) (b)

Figure 5- 5: ABAQUS model: (a) Panels on girders; and (b) Rebar wireframes
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The contact properties between the top flange of the girders and the haunch were assigned as tie
constraints to simulate full composite behavior between these elements. The girder surface was
selected as a master surface since it had more stiffness while the haunch was a slave. Figures 5-6

(@) and (b) show the master and slave surface for girder to haunch contact of the tie constraint

respectively.

(@) (b)

Figure 5- 6: Surfaces for girder to haunch contact: (a) Master surface; and (b) Slave surface

Similarly, tie constraint was assigned between the deck and the panel and the panel surface was
selected as the master surface for its higher stiffness value than the deck. Figure 5-7 shows the

contact between the deck and panel surfaces.

. position

urface
[ Tie rotational DOFs # applicable

Figure 5- 7: Contact surfaces between the deck and the panel
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Figures 5-8 (a) and (b) show a completed half-scale bridge with 5 girders and 5 in. native mesh of

the model respectively.

(@) (b)

Figure 5- 8: Half-scale bridge model: (a) 5 girders with panels and deck; and (b) 5 in. native

mesh

5.2Material Properties

5.2.1 Concrete

Concrete damaged plasticity model was used according to section 2.3.1 to model the concrete of
the girders, deck, and panels. Standardized testing classifies strength at an age of 28 days.
However, concrete continues to increase in strength over time. The increase in concrete
compressive strength acts to increase other material characteristics that are related to strength
(tensile strength, modulus of elasticity, time-dependent effects, etc.). As a result, it is important to
be able to consider the change in concrete strength with time. The AASHTO LRFD (2017)
specifications do not specifically address this feature of concrete. The CEB-FIP model code (1990)
provides the relationship for the change in concrete compressive strength over time which is shown

in equation 5-1.

fcm(t) = ﬁcc(t)fcm 5- 1)

Where:

fem = 28-day concrete compressive strength
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fem(t) =concrete compressive strength at time t

z
Bec(t)=expis|1— (%) = time-dependent coefficient dependent on the age of concrete

t1

t = age of concrete at which fcm(t) is computed (days)
t1 = 1 day
s = cement rate of hardening coefficient

s is 0.20 for rapid hardening high strength concretes, 0.25 for normal and rapid hardening cements

and 0.38 for slow hardening cements.

Figure 5-9 shows a plot of the ratio of concrete compressive strength to 28-day compressive

strength (Bcc) for normal hardening cement.
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Figure 5- 9: Concrete strength gain with time

The variation in modulus of elasticity with time is predicted by CEB-FIP and is shown in equation

5-2.
E(t) = Be(DE 5-2)
Where,

Eci = the modulus of elasticity of concrete at an age of 28 days
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Eci(t) = the modulus of elasticity at time t

Be(t) = (Bec(t))? = coefficient depending on the age of concrete at t (days)

Bec = coefficient defined by equation 5-1

Figure 5-10 shows a plot of the ratio of concrete modulus of elasticity to 28-day compressive

strength (Be) for normal hardening cement.
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Figure 5- 10: Concrete modulus of elasticity with time

10000

The increased compressive strength and modulus of elasticity of the girders, panels and deck of

the SB bridge were calculated and are shown in Table 5-1.

Table 5- 1: Compressive strength and modulus of elasticity of the elements of the SB bridge

Superstructure Concrete Concrete Modulus of
elements compressive compressive elasticity from
strength from strength from the as-built Modulus of
the as-built CEB-FIP (ksi) | drawing (ksi) | elasticity from
drawing (ksi) CEB-FIP (ksi)
Girder 6.2 7.78 4774 5346
Panel 5 6.28 4287 4801
Deck 4 5 3834 4294
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5.2.2 Prestressing Strands

Thermal loading was used according to section 2.3.3 to apply prestress on the prestressing strands
of the girders and the deck. Initially, the temperature of the tendons of the girders was set as 0 °C.
During step 1 (0-1 second), the temperature was set as -520 °C to achieve the required prestress.
During step 2 (1-2 seconds), the temperature was kept constant at -520 °C to sustain the prestress
obtained from step 1. Figure 5-11 shows the amplitude of the applied prestress due to thermal
shrinkage in different steps of the model while Figure 5-12 shows the temperature profile of the

model in step 1.

Amplitude of the Prestress in the Model

1.2

0.8 /
0.6
0.2 /

0 0.5 1 1.5 2 2.5
Time (s)

Amplitude

Figure 5- 11: Amplitude of the applied prestress in different steps of the model
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Step:  Step-1 (Static, General)
Region: Set-36 [y

Distribution: Direct specification

Constant through region

-520

(Ramp) H R

Figure 5- 12: Temperature profile of the model during step 1 (0-1 second)

The prestressing stress in the strands of the panels was also applied following this procedure. The
total prestress loss of the girder and panel strands were calculated as 48.61 ksi and 26.82 ksi
respectively. The effective prestress was calculated as 153.9 ksi and 64.7 ksi and applied on the
girder and panel strands respectively in the ABAQUS (2018) model (Figure 5-13).

(@) (b)

Figure 5- 13: Applied prestress on the ABAQUS model: (a) Girder strands; and (b) Panel
strands
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5.2.3 Mild Reinforcing Steel

Steel reinforcement which corresponds to the ASTM A306-49 was used in the bridge. The
minimum vyield strength of the reinforcement was 60,000 psi. The nonlinear stress-strain
relationship of steel was approximated as a bilinear strain hardening model having different slopes.
The ultimate stress of the steel was taken as 72,000 psi based on the ultimate strain of 0.021
calculated according to Eurocode 1993-1-1:2005 (CEN 2005). The ultimate strain in steel was

defined as 15 times the yield strain.

5.3 Loading

For the model calibration purpose, the heaviest load test truck from the Phase 2 load test (section
4.2.2, Table 4-3) was used at the midspan of the bridge as a live load. For the retrofitting purpose,
standard HL-93 loading was used on the calibrated model. HL-93 is a type of theoretical vehicular
loading proposed by AASHTO (2017) in 1993. It is a combination of three different loads: design
truck, design tandem, and design lane load. Figure 5-14 shows the live load pattern for designing
a highway bridge according to AASHTO (2017).

Load pattern 1: Design lane + Design Truck

32 kips 32 kips 8 kips
| 14t030n | 1an |

¢ ' '

‘ ‘ l l 0.64 kips/ft

i J

Load pattern 2: Design lane + Design Tandem

25 kips 25 kips

H_l

i T 0.64 kips/ft

Figure 5- 14: Live load pattern for designing a highway bridge according to AASHTO (2017)
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On the calibrated model, the design truckload was applied alongside with a lane load similar to the

AASHTO (2017) proposed one to achieve sufficient live load response from the girders.

Since the model is required to be calibrated based on the live load effect only, it was necessary to
distinguish the effect of the live load from the prestress and the dead load. Therefore, a multiple-
step loading was used which has the potential to solve such problems. Prestress was applied at 0
second which reached its maximum at 1 second. The dead load was applied at 1 second which
reached its peak during 1.5 seconds. The live load was applied at 1.5 seconds which reached its
peak at 2 seconds. After reaching their peaks, all the loads were kept constant for the rest of the

time of the job. Figure 5-15 shows the amplitudes of the loads during different stages of the model.

Amplitude of the Loading of the model

1.2

= Prestress

= Dead load

—Live load
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Figure 5- 15: Amplitudes of the multiple-step loading

According to Figure 5-15, to obtain the effect of only the live load, the effect of 1.5 seconds has

to be subtracted from that of 2 seconds.
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Chapter 6

RESULTS AND DISCUSSION
6.1 Load Test

6.1.1 Phase 1

The strain gage and the rotational tiltmeter data were analyzed to evaluate the load response of the
bridge. Figure 6-1 shows a typical strain response of a strain gauge at mid-span of the girder. The
strain response exhibited excessive noise and vibration as a result of the vibration observed in the
bridge when the truck passed across the bridge. The strain values were refined to better evaluate
the bridge behavior.
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Figure 6- 1: Raw strain data for path P1 run 1

Figures 6-2 and 6-3 show the strain time history of Runs 1 and 2 for Path P1 for the bottom strain
gages near the mid-span. The trucks were moved across Span 3 at a uniform speed. The strain
responses at girders B1 and B2 were maximum as expected when the truck was on Path P1. Strain

gages were designated as follows: 1st number denotes the section (2, 3), 2nd letter and 3" number
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show the girder no (B1, B2..., B9) and the last letter shows the location (T-top, B-bottom). The

strain across other girders gradually decreased with distance from the truck tires.
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Figure 6- 2: Strain vs time diagram for Path P1 Run 1
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Figure 6- 3: Strain vs time diagram for Path P1 Run 2
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Figures 6-4 and 6-5 demonstrate the strain vs time diagrams for Path P2 Run 1 and Run 2 for the
bottom strain gages near the mid-span. The data were similar to Path P1. Girder B4 showed the

maximum response as the wheel was located directly over the girder.
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Figure 6- 4: Strain vs time diagram for Path P2 Run 1
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Figure 6- 5: Strain vs time diagram for Path P2 Run 2
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Figures 6-6 and 6-7 show the strain data of Path P3 Run 1 and Run 2 for the bottom strain gauges

near the mid-span where the girder B7 showed the maximum response.
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Figure 6- 6: Strain vs time diagram for Path P3 Run 1
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Figure 6- 7: Strain vs time diagram for Path P3 Run 2
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Figure 6-8 shows the strain vs. time diagram for the bottom strain gages of the girders near mid-
span for the stop location test. Girders B4, B5, and B6 showed the maximum response since the

girders were located near the position of the three trucks.
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Figure 6- 8: Strain vs time diagram for the stop location test

Analysis of data from Figures 6-2 to 6-8 shows that the strain values at the mid-span showed some
residual strains even after the trucks left the span. The strain values started from zero and increased
to the maximum values when the trucks were on midspan, but the strain values did not return to
zero after the trucks left the span. This behavior was observed for almost all the girders for all the
paths. These remaining residual strains indicate nonlinear behavior, which may be caused by the
loss of composite action or delamination between the deck and the girder, or within the composite

deck.

To check whether the composite action is compromised, the neutral axis of the composite girder
section was calculated from the collected top and bottom strain data from the girders. The
theoretical neutral axis for full composite action was also calculated according to AASHTO LRFD
Bridge Design Specifications (2017). The average location of the neutral axis from the load test
(Phase 1) was around 41 in. from the bottom of the girder (on the web). However, the theoretical
neutral axis from AASHTO (2017) was calculated as 57 in. from the bottom of the girder for the
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composite section (in the deck) while it was calculated as 40 in. from the bottom for a non-
composite girder (App. A). This change in the position of the neutral axis indicates a loss of
composite action between the girder-deck and deck-panel system. The calculations for the
experimental neutral axis were performed using equation 6-1 as shown by the process in Figure 6-

9. Figure 6-10 shows the locations of the neutral axis for the load test (Phase 1).

| %T

&

Where:

y = Neutral axis location from the bottom (in.)
d = distance between the top and bottom gauges (in.)
eg = Strain in bottom gauge (ue) (Absolute value)

&r = Strain in top gauge (ue) (Absolute value)
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Figure 6- 10: Locations of the neutral axis obtained from the load test (Phase 1)

The rotational tiltmeters provided the end rotations of the girders. Figure 6-11 shows the rotation
vs time diagram for girder B4 of Path P2 Run 1. It can be seen from the figure that the data has a
excessive amount of noise and vibration. This is also the case for the rotation of all the other load
tests for this bridge. This noise might be caused due to the vibration of the bridge. The rotation
data were then refined as previously and were used to calibrate the Finite Element Model. Figure
6-12 shows the refined rotation data for girder B4 of Path P2 Run 1.
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Figure 6- 11: Rotation vs. time for Path P2 Run 1
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Figure 6- 12: Refined rotation data for Path P2 Run 1
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6.1.2 Phase 2

The strain gage and the rotational tiltmeter data were analyzed to evaluate the load response of the
bridge. Figure 6-13 shows a typical strain response from a strain gage at mid-span of the girder.
Additionally, the strain response exhibited ample noise and vibration as a result of the vibration
when the truck passed across the bridge. The strain values were refined by calculating the moving
average between 10 data points to remove the noise and vibration in the measured data. This
refinement provided one data point for every second which was accurate enough for all evaluation

purposes. Only the refined results are presented further in the report.
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Figure 6- 13: Raw strain data for Path P1 Run 1

Figures 6-14 and 6-15 show the strain vs. time diagram for Run 1 and Run 2 of Path P1 for the
bottom strain gages near the mid-span. The data from the girders B1, B2, and B3 are shown here
since their responses were significant for this path. The response of other girders gradually
decreased with distance from the truck wheel.
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Figure 6- 14: Strain vs time diagram for Path P1 Run 1
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Figure 6- 15: Strain vs time diagram for Path P1 Run 2
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The responses were similar for Path P2 and P3. Figures 6-16 to 6-20 show the responses for Path
P2 (Run 1 and 2), Path P3 (Run 1 and 2), and stop location test respectively.
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Figure 6- 16: Strain vs time diagram for Path P2 Run 1
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Figure 6- 18: Strain vs time diagram for Path P3 Run 1
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Figure 6- 19: Strain vs time diagram for Path P3 Run 2
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Figure 6- 20: Strain vs time diagram for the stop location test

Analysis of data showed that the strain values at the mid-span showed some residual strains even
after the truck left the span like the previous load test. The presence of residual strain and
inconsistent results between two different runs indicated that the load distribution characteristics

are compromised, and the bridge is exhibiting unusual behavior.

The location of the neutral axis for the load test (phase 2) was calculated from equation 6-1. A
comparison of the locations of the neutral axes between Phase 1 and Phase 2 load tests and their
theoretical values are provided in Table 6-1. The neutral axis location for a single girder was found
from averaging the locations from all load test paths, except those where the trucks were too far

from the girder to make a significant response. Figure 6-21 shows the locations of the neutral axis
for the load test (Phase 2).
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Table 6- 1: Neutral axes locations

Load test Load test
(Phase 1) (Phase 2)
Theoretical NA from the bottom (composite), in. 57
Theoretical NA from the bottom (non- composite), in. 40
Experimental NA from the bottom (in.) 41 | 42
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Figure 6- 21: Locations of the neutral axis obtained from the load test (Phase 2)

From Table 6-1, it is evident that there is a small discrepancy (1 in.) between the neutral axis
locations from the two load tests. The possible reason behind this is the temperature and/or the
humidity difference during the two load tests. Also, during Phase 2, additional girders were
instrumented to locate the neutral axes which yielded more precise results. The new potholes and

cracks on the deck (Figure 6-22) may be due to this almost non-composite behavior of the bridge.
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(@) (b)

Figure 6- 22: New pothole on the deck of Span 3: (a) View from the top; and (b) View from the
side

The noise to response ratio was very high for the deck. Since the strain data showed very little
response for all the paths, the noise and the response were almost inseparable for the deck. Figure
6-23 shows the response of different portions of the deck due to Path P2 Run 1 with extreme noise

and vibration.
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Figure 6- 23: Strain response of the deck portions for Path P2 Run 1
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Figure 6-24 shows the rotation vs. time diagram for the girders from Path P1 Run 1. The signal to
noise ratio for the rotation results was very low as seen by the fluctuations in the measured response
when the truck entered the bridge. This was also the case for the rotation of all the other load paths
for this bridge similar to the Phase 1 tests. Figure 6-25 shows the refined rotation data for the

girders from Path P1 Run 1.
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Figure 6- 24: Rotation vs time for Path P1 Run 1
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Figure 6- 25: Refined rotation data for Path P1 Run 1

6.2 NDE

6.2.1 GPR Results

The GPR scans were post-processed and analyzed with the RADAN (2017) software. No
delamination could be observed from the GPR scans. One possible reason is that the cracks, voids
or delamination should be of at least 0.25 in. wide to be visible in the B-scans achieved from GPR.
The reinforcement profile was visible. A 2-D contour plan prepared from the top reinforcement
cover depths found through the 2.6 GHz antenna of the GPR is presented in Figure 6-26.
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Figure 6- 26: 2-D contour plots showing rebar covers from GPR data

The covers seem to be satisfactory throughout the layout as expected for a new bridge. This
indicates less or very little surface corrosion.

6.2.2 IE Results

The IE results on discrete data grids were then plotted in 2-D contour maps, as shown in Figure 6-
27. In the contour maps, the color red indicates a very high possibility of the presence of

delamination. The blue areas indicate sound concrete without any debonding or delamination.

Contours from both segments showed strong signs of delamination in the red areas. The
delamination depths are expected to be at or near the rebar level within 4 in. from the top surface.
The delamination seemed to be more prevalent in the areas on top of the girders as compared to
the areas between the girders.

While the state of the delamination was assessed in discrete discontinuous grid points on the bridge
deck, the results presented above are in the form of continuous contour maps, where linear
interpolation was used between the data points.
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Figure 6- 27: Contour plots from IE data showing possible delamination

6.3 Load Rating

Two cases were considered herein for the load rating of the Wilson Creek SB Bridge:
1. Deck capacity alone in the transverse bridge direction.
2. Girder capacity.

6.3.1 Deck Capacity

The deck capacity of the bridge was calculated using the previous NDE data (GPR and IE)

following the procedure outlined below:

e The material properties used for calculating deck capacity was mentioned in the material
properties section of the report. The mild steel rebar size and spacing of the top mat were found
as #5@6’’ o.c. from standard TxDOT drawing. The panel dimensions were taken as 8.33 ft. x
7.5 ft. x 4in. using the TxDOT standard panel drawing. A total of 17 prestressing steel strands

were used assuming 6 in. spacing (maximum spacing specified by TxDOT). Half inch diameter

113



270 ksi low relaxation steel strands were used in the calculation as this is the most popular size
used by TxDOT.

The moment capacity of the deck was calculated for a 12 in. wide strip along the length of the
girder. The length of the strip was measured as 9 ft. which is the spacing of the girders.

GPR data was used to find the concrete cover for the negative mild steel near the girder lines.
The negative region was found to be 2.49 ft. from both sides of the centerline of the girder.
This length was found from calculating the point of contra-flexure in a continuous deck. The
detailed calculation was also verified using SAP2000 (2016). For more than 90% of the
negative moment region, the top cover was found to be around 2.4 - 3.0 in. from the GPR data
analysis. So, 2.5 in. cover was used in the negative moment calculations. Figure 6-28 shows
the girder center line (black line) and the analyzed negative moment region (hatched area) on

a portion of GPR data from where the average top cover of 2.5 in. was found.

Figure 6- 28: Negative moment region (hatched area) and girder center line (black line) on a

portion of GPR contour

e Positive moment capacity was not affected by the GPR data, because GPR detected only
the top deck rebars which contribute to the negative moment capacity only. The precast
panels mainly contribute to the positive moment capacity.

e From the IE data, the percentage of delamination for both the negative and positive moment
regions were calculated. The former was taken as 2.49 ft. from both sides of the centerline
of the girder, while the latter was taken as 4.02 ft., using a similar procedure as above.
Figure 6-29 shows the positive and negative moment regions (hatched area) and the girder

center lines (black lines) from where the percentage delamination was extracted.
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Figure 6- 29: Positive moment region (left) and negative moment region (right) from IE data

e The percentage of delamination for the positive region and negative regions was found to
be 11% and 49%, respectively. It should be noted that the 2-D IE contour cannot verify the
depth of delamination. To be conservative, an average between the delamination of both
regions (30%) was applied to reduce both the positive and negative moment capacity. Table
8-2 shows the moment capacities of the deck calculated from GPR and IE data.

Table 6- 2: Deck moment capacity

Moment Capacity Modified Design
M .
(k- ft./ft.) Average Percentage oment Capacity

womane | (pramormana | AL |

Type P Y (From IE)

Mn= Asfy (d- g) region

Positive 35 30% 25
Negative 19.48 30% 13.64

According to the Load Factor Method (LF) obtained from the AASHTO Manual for Bridge
Evaluation (2018), the moment rating factor of concrete components can be calculated using
equation 6-2:

Moment Capacity—A1X Dead load Moment
A2X(Live load Moment +Impact)

Moment Rating Factor, RF= (6—-2)

The moment capacities used in moment rating were obtained from Table 6-2 (modified design
moment capacity) and the negative moment governed the rating. Al and A2 are AASHTO (2018)
rating factors, with A1=1.3 and A2 varying depending on the rating level desired (A2 = 2.17 for
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inventory level and 1.3 for operating level). The live load moment was determined using HS-20
loading including an impact factor of 1.3. Bridge member ratings were determined by equation 6-
3 where the rating factors were multiplied by the weight of the rating vehicle (HS-20 for this case)
to find the allowable safe live load (inventory level) and the maximum permissible live load
(operating level). The detailed hand calculations are provided in the App. B. Table 8-3 shows a
summary of the Load Factor Rating Method.
Member rating = WXRF (6—3)
Where: W= Weight of rating vehicle.
RF= Rating factor.

Table 6- 3: Deck moment rating factor and bridge member rating

Rating Level Rating Factor (RF) Bridge Member
Rating (Ib.)

Inventory level 1.00 72,000

Operating level 1.60 114,770

6.3.2 Girder Capacity

Girder rating was conducted using CSIBridge (2015) assuming composite girder and deck. Load
rating was also done using hand calculations by the Load Factor Method (AASHTO Manual for
Bridge Evaluation, 2018) to verify the results. Appendix C shows a sample calculation for load

rating. Comparison of hand calculations and CSI bridge load rating are shown in Table 6-4.
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Table 6- 4: Comparison between hand calculation and CSIBridge results

Rating Bridge Rating Factor Bridge
Factor (RF) Member | (RF) assuming | Member
. Rating (Ib.) partial- Rating
assuring assuming composite (Ib.) Rating
fuII-_ full action, from assuming | Factor (RF)
composite composite hand partial-
Ratin action, from action calculations | composite | from CSI
g Level g i
hand action Bridge
calculations
Inventory level 1.74 125,280 1.51 108,955
Operating level 2,01 209,520 253 181,870 1.59

Upon reviewing the data, it is reasonable to conclude that when partial-composite action was
applied (using the average neutral axis location from the load test), the girders were still safe for
HS-20 standard vehicle for both inventory and operating levels. Since CSIBridge (2015) assumed
full composite action, the load rating value from CSIBridge (2015) was similar to the hand
calculated load rating value, that assumes full composite action between the girder and the
panels/deck for inventory level. The model rating factor was slightly different because CSIBridge
(2015) follows the current LF method in the analysis.

Using the rating factor assuming partial-composite action is more practical in this case because the
load test confirmed partial-composite action and a reduced girder capacity. Based on the rating,
both the deck and girders were capable of carrying the HS-20 load. However, since the components
are not acting monolithically, the serviceability and the durability of the deck are a matter of

concern for the bridge.
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6.4 Dynamic Vibration Test

6.4.1 Ambient Vibration Test

While investigating unpleasant vibration caused by passing traffic, Mallock (1902) concluded that
acceleration is the primary reason for discomfort. Wright and Walker (1971) declared a peak
acceleration of more than 16.67 ft./s? as ‘unpleasant to some’ while their limit of perceptible
acceleration was less than 4.17 ft./s>. According to the International Organization for Standards

(ISO 2631-1) (1997), acceleration of more than 6.5 ft./s? is extremely uncomfortable.

Table 6-5 shows the maximum accelerations in three directions (along the traffic, transverse to the
traffic and vertical) for different components of Wilson Creek SB bridge under regular traffic

during rush hours. Deck 1-2 denotes the portion of the deck between girders 1 and 2.

Table 6- 5: Maximum accelerations for different components of the SB bridge

Designation Maximum acceleration (ft./s?)
Along with traffic Transverse to Vertical
traffic
Girder 1 3.61 15.75 7.22
Girder 2 4.59 17.72 6.73
Girder 3 3.61 14.76 8.20
Girder 4 3.94 13.78 5.91
Girder 5 3.28 17.72 6.89
Girder 6 8.20 14.76 9.19
Deck 1-2 151 1.31 4.53
Deck 2-3 3.94 1.51 11.81
Deck 3-4 8.53 4.27 27.56
Deck 4-5 2.9 1.6 7.4
Deck 5-6 8.53 8.53 21.65
Deck 6-7 9.2 8.6 25.1
Bearing pad (Girder 4) 18.04 8.20 24.61
Bearing pad (Girder 1) 13.45 4.60 10.66

The data in Table 6-5 indicates that the accelerations were significantly higher in the transverse
direction than the vertical ones for the girders. This phenomenon was reversed for the deck. The

bearing pads showed maximum accelerations in the vertical directions. Figures 6-30 (a) and (b)
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show the maximum transverse and vertical accelerations for girder 5 and deck 3-4 of the SB bridge

respectively.
il
w m JHUMMM'W i MJWL‘ i UJ‘,\_I d wmw I
(a) (b)

Figure 6- 30: Maximum acceleration of the SB Bridge: (a) Transverse acceleration of the girder;
and (b) Vertical acceleration of the deck

Table 6-6 shows the maximum accelerations for some of the girders and an interior portion of the
deck for the NB bridge.

Table 6- 6: Maximum accelerations for different components of the NB bridge

Maximum acceleration (ft./s?)
Designation Along with traffic Transverse to Vertical
traffic
Girder 1 2.30 4.43 2.13
Girder 3 2.62 7.22 2.62
Girder 4 25 5.5 2.22
Girder 5 2.55 6.17 2.3
Deck 3-4 3.28 3.28 11.48
Deck 2-3 3.1 3.3 12
Deck 4-5 3.4 2.9 9.52
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Figures 6-31 (a) and (b) show the maximum transverse (girder 3) and vertical (deck 3-4)

accelerations of the NB bridge respectively.
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Figure 6- 31: Maximum acceleration of the NB Bridge: (a) Transverse acceleration of the girder;
and (b) Vertical acceleration of the deck

Table 6-7 shows the maximum acceleration values for different components of the Virginia
Parkway NBML bridge under regular rush hour traffic.

Table 6- 7: Maximum accelerations of different components of Virginia Parkway bridge

Designation Maximum acceleration (ft./s?)
Along with traffic Transverse to Vertical
traffic
Girder 5 1.97 8.53 5.25
Girder 6 3.28 6.89 6.23
Girder 8 3.61 9.51 6.89
Girder 10 2.30 8.20 5.58
Girder 11 1.51 3.28 2.62
Girder 13 1.80 3.61 6.23
Deck 6-7 4.92 5.25 14.44
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Deck 7-8 8.2 6.89 19.69
Deck 8-9 3.2 4.1 13.87
Bearing pad (Girder 8) 16.73 12.14 5.25

Figures 6-32 (a) and (b) show the maximum accelerations in the transverse (girder 8) and vertical

(deck 7-8) directions for Virginia Parkway bridge respectively.
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Figure 6- 32: Maximum acceleration of the Virginia Parkway Bridge: (a) Transverse acceleration

of the girder; and (b) Vertical acceleration of the deck

Table 6-8 shows a comparison of the maximum accelerations of different components of the three

bridges.

Table 6- 8: Comparison of the maximum accelerations

Maximum/average accelerations Wilson Creek Wilson Virginia
SB (ft./s?) Creek NB Parkway
(ft./s?) (ft./s?)
Maximum transverse acceleration of the 17.72 7.22 9.51
girders
Maximum vertical acceleration of deck 27.56 11.48 19.69

The data in Table 6-8 suggests that the maximum transverse acceleration of the girders for the
Wilson Creek SB bridge was 145% and 86% higher than the NB and the Virginia Parkway bridges
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respectively. The average transverse acceleration also yielded significantly higher value for the SB
bridge compared to the NB and the Virginia Parkway bridges (170% and 136% respectively). The
higher values of transverse accelerations of the girders of the SB bridge indicate a significant loss
of composite action between the girders and the deck/panel system in the transverse direction
which also explains the progressive transverse cracks and potholes on the SB bridge deck. The
maximum vertical acceleration values of the decks were also significantly higher for the SB bridge

than the other two bridges due to the partial-composite action.

6.4.2 Vibration Test During Static Load Test

The dynamic magnification factor (DMF) of a bridge can be defined by equation 8-4 (Nguyen &
Tran 2015; Mohseni et. al. 2018; Malla et. al. 2017). The responses could be displacement, stress,

or strain.

DME= Dynamic response (6-4)

Static response

Szerszen et. al. (2019) conducted a case study on different composite and non-composite bridges
by conducting static and dynamic load tests. From their load test results, the researchers concluded
that for the non-composite bridges, the static strains yielded higher values than the dynamic strains
and vice versa. This phenomenon took place due to the complex, non-linear load path of the non-

composite system.

Both the static and dynamic strain data were analyzed for paths P2 and P3 with different speeds of
the dump truck to find the dynamic impact factor. The data were smoothened by applying a ten-
point moving average on each data set. Figure 6-33 shows the strain response of the girders C, D,

and E for different speeds on path P2.
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Figure 6- 33: Speed vs strain data for path P2

Girders C, D, and E showed maximum responses for path P2 because the truck was placed near to
these girders during these runs on this path. Additionally, the dynamic strains reduced with the
increasing speeds for the girders and yielded zero values for the DMF in equation 8-4. This
phenomenon further suggests a partially composite action between the girders and the deck/panels.
Due to partially composite action, the load path becomes more complex for the girders, deck, and
panels. Figure 6-34 shows the speed vs strain data of the girders G, H, and | for path P3.
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Figure 6- 34: Speed vs strain data for path P3
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Girders G, H, and | showed maximum responses for path P3 because the truck was placed near to
these girders during these runs on this path. Furthermore, the data were erratic for this case and no
unique pattern could be found from the data set. Due to the increase of truck speeds, the strain data
did not increase linearly which indicates complex load paths of the partial-composite girders and

deck/panel system.

The natural frequency of the bridge was extracted from the dynamic vibration data by applying
FFT on the ambient window of a data set. An ambient window is the portion of the data where the
truck passes the deck and the bridge vibrates on its free vibration modes. Figure 6-35 shows an
ambient window of the vibration data for path P2 while the vibration meter was placed under girder
4. Figure 6-36 shows the FFT analysis on an ambient window of 1 second for path P2.

Figure 6- 35: Ambient window of the data shown in the box for path P2
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Figure 6- 36: FFT analysis on a 1-second ambient window for path P2

From FFT analysis of the data, the frequencies of various modes were found for the Wilson Creek

SB bridge. Table 6-9 shows the frequencies of different modes of vibration found from FFT

analysis of the vibration data.

Table 6- 9: Modal frequencies of the Wilson Creek SB bridge

Modes of Vibration Frequencies (Hz)
1% mode 2.03
2"Ymode 4.35
3" mode 6.275
4" mode 8.9
5" mode 11
6" mode 12.25
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From Table 6-9, it can be observed that the natural frequency of the bridge was 2.03 Hz. Amman
(1995) proposed an empirical relation between fundamental natural frequency and maximum span
length of highway bridges which suggests that the fundamental natural frequency of the SB bridge
should be in a range between 3.28 Hz- to 3.96 Hz. Nevertheless, the fundamental frequency was
relatively lower compared to the frequency mentioned in literature because of the stiffness
reduction due to partial-composite action between the girders and the deck/panel. A reduced

stiffness resulted in lower fundamental frequency and higher vibration.

6.5 Modeling
6.5.1 Stability Check

To obtain various energy components of the ABAQUS model, a history output request was created
in the whole model domain in every one-second frequency increment. The energy was selected as
the only output variable to save time and occupied physical memory during the analysis. Figure 6-
37 shows the history output request window of the model.
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Figure 6- 37: History output request showing various components of energies of the model
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After the successful execution of the history output command, various components of the energies
were plotted against the time from the ABAQUS (2018) output. Figure 6-38 shows the internal
energy (Ei) vs time plot.
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Figure 6- 38: Internal energy vs time

According to the data presented in Figure 6-38, it is clear that the internal energy of the model was
very high. The internal energy value started from zero initially and reached its maximum (1.9x10’
in.-Ib.) at one second. After one second, the internal energy became almost constant for the rest of
the simulation time. This phenomenon took place due to the high prestress in the strands of the
girders and the panels. Prestress forces in the strands induced high internal energy into the model
which reached its maximum at one second. Ev, Erp, Eke, and (Eive — Enr) were zero since the
model did not have any viscous fluid, frictional co-efficient, dynamic property, or heat-transfer

property. Figure 6-39 shows the work done by the externally applied forces (Ew) vs time plot.
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Figure 6- 39: Work done by the externally applied forces (Ew) vs time

Epw, Ecw, and Emw Were also zero since the model was not involved with any contact/constraint
penalty or propelling added mass. Figures 6-40 shows the total energy of the whole model (Etotal)
vs time plot.
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Figure 6- 40: Total energy of the model (Etotal) VS time
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According to the energy balance theory, the residual energy (Ei- Ew- Etotal) should be zero or
approximately close to zero. Figure 6-41 shows the residual energy plotted as a percentage of total

energy vs time.
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Figure 6- 41: Residual energy as a percentage of total energy vs time plot

The data presented in Figure 6-41 suggest that the residual energy was very low compared to the
total energy (<< 1%) which indicates an accurate Finite Element simulation with no local or global

instabilities.

The rationale of this research was to figure out the total residual energy which is an indicator of
the accuracy of the output of a Finite Element simulation. If the residual energy is low (<1%), the

model does not have any local or global instabilities and vice versa.

6.5.2 Static Calibration

From the previous load test and NDE data, it is apparent that severe delamination was present in
between the girder/deck and the panel/deck system of the SH-75 SB bridge. Partial-composite
action between the prestressed girders and the deck was also detected. Hence, cohesive contact
behavior was applied on both the girder/deck and deck/panel surfaces of the ABAQUS (2018)
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model to simulate the surface delamination and partial-composite action between the elements.
The shear stiffness parameters (Kss and Ky) were varied between these surfaces while keeping the

normal stiffness coefficient as a constant large number (10° 1b./in?).

At first, the girder/deck and the deck/girder surfaces were created in ABAQUS (2018) as master
and slave, respectively. Figure 6-42 shows the girder/deck and the deck/girder surfaces with
cohesive contact properties.

Type  Surface-to-surface contact (Standsrd)
Stepe  Step-1 (Static, Genenal)
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Figure 6- 42: Girder/deck and deck/girder surfaces for the cohesive contact interaction

Similarly, the panel/deck and the deck/panel surfaces were created as master and slave,
respectively and the stiffness coefficients were assigned. Figure 6-43 shows the panel/deck and
the deck/panel surfaces with cohesive contact properties.

Type:  Surlace-to-surace contact (Standard)
Step:  Step1 (Static, General)

|7 Exclude shell/membrane element thickness
02

Use supplementary contact points: @ Selectively © Never ©) Always

Slave Adjustment | Surface Smoothing | Clearance | Bonding
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Spectly tolerance for sdjustment zone 0
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Options: [intederence Fit..

Contact controls: (Default)

oK Cancel

Figure 6- 43: Panel/deck and deck/panel surfaces for the cohesive contact interaction
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To calibrate the model, the values of Kss and Ky were varied from 108 Ib./in? to 1000 Ib./in%. The

values of the strain from the bottom of the girder B4B (B4 denotes the girder number while the

last B denotes bottom strain) were extracted from the model and then compared with the

experimental data since this girder had the maximum responses for the modeled path. Table 6-10

shows the Kss and Ky values and the corresponding strains from the model and the experiment.

Table 6- 10: Strain values at the bottom of the girder B4B from the experiment and the
ABAQUS model

Ko (I0./in?) | Kss(Ib./in?) K (Ib./in?) Bottom Strain from Bottom Strain from

Model (Micro strain) Experiment (Micro
strain)

1000000000 | 100000000 100000000 25.55

1000000000 1000000 1000000 25.6

1000000000 15000 15000 26.9 97

1000000000 5000 5000 30

1000000000 1000 1000 49.6

The data suggest that for Kss=Ktt= 15000 Ib./in?, the strain values from the experiment and the

model were very close. The strain and rotation data from other girders were also compared to

verify the calibration. Figure 6-44 shows the comparison of the strain data between the experiment

and the ABAQUS model while Figure 6-45 shows the comparison of the rotation values.
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Figure 6- 44: Comparison of the strain data between the experiment and the ABAQUS model
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Figure 6- 45: Comparison of the rotation data between the experiment and the ABAQUS model

After comparing the strain and rotation data of the model with the experiment, it can be concluded
that the data from the model fit quite well with the experiment with very little deviation. This slight
deviation might take place due to the uncertainty in the material uniformity, non-uniform

delamination, approximation in prestress loss, creep and relaxation, redundancy, or support fixity.
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Since the model represented the experimental bridge with minimum deviation, it was used as a

calibrated model for future retrofitting purposes.

6.5.3 Dynamic Calibration

Throughout the dynamic vibration test of the Wilson Creek SB Bridge, the vibration meter was
installed under a few girders during the load test runs. Since partial-composite action between the
girders and the deck/panel system was confirmed based on the load test results, the modal analysis
of a single girder with the partial-composite deck is more appropriate than that of the entire system
when compared to the experimental dynamic frequencies. ABAQUS CAE (2018) estimates the
frequency of the entire system while the experimental dynamic data were collected from a single
girder with partial-composite action.

A single girder was modeled following the as-built drawing for the material and the geometric
properties. All of the prestressing steels and the mild steels were modeled and assembled inside
the girder. The material properties and section properties were defined accordingly and the girder
and reinforcements were meshed. The prestressing force in the steel was defined considering the
long term and short term loss using AASHTO LRFD Bridge Design Specification (2017).

To introduce partial-composite action between the girder and the deck, cohesive contact properties
were assigned between the surfaces of the girder and the deck. The shear stiffness parameters (Kss
and Ky) were assigned as 15000 Ib./in? between these surfaces while keeping the normal stiffness
coefficient as a constant large number (10° Ib./in?) based on the static calibration of the bridge.
Figure 6-46 shows the cohesive contact between the girder and the deck surfaces system.
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Figure 6- 46: Cohesive contact between the girder and the deck

A dynamic frequency step was created in the model with the first ten eigenvalues after the general
static step. To calibrate the dynamic model, the stiffness of the deck was varied from 100% to 60%
of its initial value since IE results previously confirmed severe delamination and reduction of
stiffness of the deck/panel system. With 60% remaining stiffness of the deck, the modal
frequencies yielded similar results to the experiments with little deviation. Table 6-11 shows the

comparison between the experimental and modal frequencies of the different modes of vibration.
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Table 6- 11: Comparison between the experimental and the modal frequencies

Modes of vibration Experimental Modal Remarks
frequencies frequencies

1 2.03 241 1st lateral bending
2 Not found 2.98 1st vertical bending
3 4.35 4.65 2nd lateral bending
4 6.275 7.17 1st torsion
5 8.9 9.27 2nd torsion
6 11 10.65 2nd vertical bending
7 12.25 11.72 3rd torsion
8 14 15.14 4th torsion
9 15.8 17.706 3rd vertical bending

Figure 6-47 shows the comparison between the experimental and modal frequencies as a graphical

representation.
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Figure 6- 47: Comparison between the experimental and modal frequencies




The second mode of vibration from the modal analysis (1st vertical bending) did not appear in the
experimental data. Since the 1st and 2nd modes were very close, there is a possibility of
superimposition between these two in the experimental data which explains the disappearance of
the 2nd mode. Other than this phenomenon, the experimental and modal frequencies matched well

with very little deviation.
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Chapter 7
BRIDGE REHABILITATION/RETROFITTING

7.1 Proposed Retrofitting Methods

The objectives of the retrofitting methods are to improve the composite action and stiffen the
superstructure system. Some of the proposed methods are similar to the methods proposed or
applied by previous researchers (provided in section 2.4 of this report) to improve/introduce
composite action in steel girder bridges while the others are unique. Some of the methods have
already been applied to the calibrated FE model while others are still in progress.

7.1.1 Re-casting on the Girder Lines and Shear Pockets on the Panel Lines (High Strength
Concrete)

1 ft. or 2 ft. strips are proposed to be removed from the top of the girder lines and re-casted with
high strength (6 ksi) concrete. The modification should counteract the severe delamination on top
of the girder lines confirmed by IE earlier. At the same time, shear pockets are proposed to be
created on the top of the girder lines and re-casted with high strength (6 ksi) concrete. Previously,
shear pockets were created on the top of the girder lines during the construction of full-depth
precast deck panels according to the Prestressed Concrete Institute (PCI) by several DOTs during
the construction phase. The spacings of the pockets were specified as 2 ft. and 4 ft. respectively by
AASHTO (2017) and Wis. DOT. These measures will reduce the delamination between the
interfaces of the deck and the panel. Figure 7-1 shows the proposed retrofitting option.

/ High Strength Concrete

Al —

(a) (b)
Figure 7- 1: Re-casting with high strength concrete: (a) Girder lines; and (b) Panel lines
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Traffic closure will be required on top of the bridge for this retrofitting method. To reduce traffic
disturbance, one girder and one panel line can be re-casted at once. However, this method is

expensive and time-consuming.

To improve the composite action between the girders and the deck, 2 feet strips were removed
from one exterior and two interior girder lines and re-casted with high strength (6 ksi) concrete. It
was assumed that the re-casted concrete strips would create perfect bonds with the deck and the
girders, thus tie contacts were created between the deck-girders surfaces. Figure 7-2 shows the
removed girder lines while Figure 7-3 shows the contacts between the new concrete and the deck-

girder interfaces.

Figure 7- 3: Full composite tie contacts between the new (re-casted) and the old concrete
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10°°X6” shear pockets were created alongside the panel lines and re-casted with high strength
concrete (6 ksi) at equal spacings of 2 feet according to PCI (2011) guidelines. Tie contacts were
used between the new concrete and the pockets-panel interfaces to create full bonding. Figure 7-4
shows the shear pockets on the girder lines while Figure 7-5 shows the contact between the new

concrete and the pocket-panel interfaces.

Figure 7- 4: Shear pockets on the girder lines
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Figure 7- 5: Full composite tie contacts between the new (shear pockets) and the old concrete
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The retrofitted model was run successfully in ABAQUS and the results were compared with the

calibrated bridge model. Table 7-1 shows a comparison of the stress, strain, and the location of the

neutral axis from the bottom for the third interior girder of the calibrated and the retrofitted model.

Table 7- 1: Comparison of the stress, strain and the location of the neutral axis for an interior

girder of the calibrated and the retrofitted model

Stress | Remark Strain Remark | Deflection | Remark | Composite
(psi) (in.) Action
11% 11% 18% Composite
Calibrated | 1804 decrease decrease -1.63 decrease | action was
Model instress | 0.000337 in strain in increased
for the for the deflection | from 32%
) retrofitted retrofitted for the to 83% for
Retrofitted | 1616 model. model. -1.34 retrofitted the
Model 0.00030 model. retrofitted
model

7.1.2 Re-casting on the Girder Lines and Shear Pockets on the Panel Lines (Regular Strength

Concrete)

This proposed method is similar to the previous one except for regular strength (4 ksi) concrete

will be used instead of high strength concrete for re-casting. Since the cast-in-place deck is 4 ksi

in strength, the regular strength re-casting concrete is supposed to make a better bond with the

deck compared to the high strength concrete.

A similar procedure to the previous retrofitting method was followed for the retrofitting except

using normal strength concrete (4 ksi) instead of the high strength concrete. The retrofitted model

was run successfully in ABAQUS and the results were compared with the calibrated bridge model.

Table 7-2 shows a comparison of the stress, strain, and the location of the neutral axis from the

bottom for the third interior girder of the calibrated and the retrofitted models.
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Table 7- 2: Comparison of the stress, strain and the location of the neutral axis for an interior

girder of the calibrated and the retrofitted model

Stress | Remark Strain Remark | Deflection | Remark | Composite
(psi) (in.) Action
9% 11% 10% Composite
Calibrated | 1804 decrease decrease -1.63 decrease | action was
Model instress | 0.000337 in strain in increased
for the for the deflection | from 32%
) retrofitted retrofitted for the to 70% for
Retrofitted | 1648 model. model. -1.47 retrofitted the
Model 0.00030 model. retrofitted
model

7.1.3 Re-casting on the Girder Lines and Panel Lines (High Strength Concrete)

1 ft. or 2 ft. strips are proposed to be removed from the top of the girder lines and re-casted with

high strength (6 ksi) concrete. This should offset the severe delamination on top of the girder lines.

At the same time, 1 ft. or 2 ft. strips are proposed to be removed on the top of the girder lines and

re-casted with high strength (6 ksi) concrete. This measure will reduce the delamination between

the deck and the panel. Figure 7-6 shows the proposed retrofitting option.

(@)

/ High Strength Concrete

o)

M

(b)

Figure 7- 6: Re-casting with high strength concrete: (a) Girder lines; and (b) Panel lines
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Traffic closure will be required on top of the bridge for this retrofitting method. To reduce traffic
disturbance, one girder and one panel line can be re-casted at once. This method is expensive and

time-consuming.

To improve the composite action between the girders and the deck, 2 feet strips were removed
from one exterior and two interior girder lines and re-casted with high strength (6 ksi) concrete. It
was assumed that the re-casted concrete strips would create perfect bonds with the deck and the

girders, thus tie contacts were created between their surfaces.

Next, 12” strips were created alongside the panel lines and re-casted with high strength concrete
(6 ksi). Tie contacts were used then between the new concrete and the pockets-panel interfaces to
create full bonding. Figure 7-7 shows the retrofitting method while Table 7-3 provides a

comparison of the stress, strain, and the location of the neutral axis from the bottom for the third

interior girder of the calibrated and the retrofitted model.

Figure 7- 7: Recasting on the girder lines and the panel lines (high strength concrete)
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Table 7- 3: Comparison of the stress, strain and the location of the neutral axis for an interior

girder of the calibrated and the retrofitted model

Stress | Remark Strain Remark | Deflection | Remark | Composite
(psi) (in.) Action
Calibrated | 1804 5.32% 5% -1.63 18% Composite
Model decrease | 0.000337 decrease decrease | action was
in stress in strain in increased
Retrofitted | 1708 for the for the -1.34 deflection | from 32%
Model retrofitted | 0.00032 retrofitted for the to 91% for
model. model. retrofitted the
model. retrofitted
model

7.1.4 Re-casting on the Girder Lines and Panel Lines (Regular Strength Concrete)

This proposed method is similar to the previous one except for regular strength (4 ksi) concrete

will be used instead of high strength concrete for re-casting. Since the cast-in-place deck is 4 ksi

in strength, the regular strength re-casting concrete is supposed to make a better bond with the

deck compared to the high strength concrete.

A similar procedure to the previous retrofitting method was followed for the retrofitting although

using regular strength concrete (4 ksi) instead of the high strength concrete. The retrofitted model

was run successfully in ABAQUS and the results were compared with the calibrated bridge model.

Table 7-4 shows a comparison of the stress, strain, and the location of the neutral axis from the

bottom for the third interior girder of the calibrated and the retrofitted models.
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Table 7- 4: Comparison of the stress, strain and the location of the neutral axis for an interior

girder of the calibrated and the retrofitted model

Stress | Remark Strain Remark | Deflection | Remark | Composite
(psi) (in.) Action
Calibrated | 1804 4.6% 5% -1.63 10.5% Composite
Model decrease | 0.000337 | decrease decrease | action was
in stress in strain in increased
Retrofitted | 1721 for the for the -1.46 deflection | from 32%
Model retrofitted | 0.00032 retrofitted for the to 79% for
model. model. retrofitted the
model. retrofitted
model

7.1.5 Re-casting on the Girder Lines with Additional Shear Connectors

1 ft. or 2 ft. strips are proposed to be removed from the top of the girder lines and re-casted with

high strength/regular strength concrete. While doing so, some additional shear connectors will be

inserted inside the girder to ensure a full bond between the surfaces. At the same time, 1 ft. or 2 ft.

strips are proposed to be removed on the top of the girder lines and re-casted with high

strength/regular strength concrete. Figure 7-8 shows the proposed retrofitting method.

/ High Strength Concrete

—

'.-h‘.'

Figure 7- 8: Re-casting on the girder lines with additional shear connectors

144




Traffic closure will be required on top of the bridge for this retrofitting method. This is expensive

and time-consuming.

Shear rebars were placed on the top of the precast prestressed girders to provide composite action
between the girders and the cast in place deck. TXDOT has specific provisions for shear connectors
of Tx girders for prestressed | girder bridges. Figure 7-9 shows the typical spacings of the shear
rebars of Tx girders suggested by TxDOT. The shear rebars are designated as R rebars in the figure.

30 Spa at § = 2000 15 Spa at 12" Spa at 18 Max Showing Type Tx62 & Tx70 Gir

ders

Spa at 18" Max | Showing Type Tx40, Tx456 &

Tx54 Girders

| 5-g 00

I
o) \ i
cH c :

Figure 7- 9: Typical spacing of shear rebars of TxDOT girders

All the proposed retrofitting methods with the exception of the current one were conducted in
accordance with the spacing requirement of the R rebars. For the Tx54 girder, the spacings of the
R rebars for a half scale girder are as follows: 3’ for the first 3 feet, 6°” for the next 10 feet, 8’
for the next 10 feet, 12 for the next 15 feet with a maximum of 18’ spacing for the rest half of
the girder. Figure 7-10 shows the typical spacings of the R rebars in the calibrated ABAQUS model
of the SB bridge.
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Figure 7- 10: Typical spacing of rebars of the calibrated ABAQUS model

To improve the composite action between the girders and the deck, 2 feet strips were removed
from one exterior and two interior girder lines and re-casted with regular strength (4 ksi) concrete.
It was assumed that the re-casted concrete strips would create perfect bonds with the deck and the
girders, thus tie contacts were created between strip-girder surfaces similar to the previous
retrofitting procedure. Furthermore, additional shear rebars (R rebars) were inserted inside the
girders before recasting to improve the composite action between the girders and the deck. Table

7-5 shows the spacings of the shear rebars which were modeled in ABAQUS.

Table 7- 5: Different spacings of the shear rebars modeled in ABAQUS

Designation Spacings
R1 (Control) | 3” for the first 3 feet, 6>’ for the next 10 feet, 8’ for the next 10 feet, 12”’ for
the next 15 feet, 18’ for the rest half

R2 3’ for the first 3 feet, 6°° for the next 20 feet, 12°° for the next 15 feet, 18"’
for the rest half
R3 3”’ for the first 3 feet, 6°” for the next 35 feet, 12°° for the for the rest half
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12” strips were created alongside the panel lines and re-casted with regular strength concrete (4
ksi). Tie contacts were additionally used between the new concrete and the pockets-panel
interfaces to create full bonding. Figures 7-11 and 7-12 show the retrofitting methods R2 and R3

respectively while Table 7-6 provides a comparison of the stress, strain, and the location of the

neutral axis from the bottom for the third interior girder of the calibrated and the retrofitted models.

Figure 7- 11: Recasting on the girder lines and the pane line with additional R rebars (R2)

Figure 7- 12: Recasting on the girder lines and the pane line with additional R rebars (R3)
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Table 7- 6: Comparison of the stress, strain and the location of the neutral axis for an interior

girder of the calibrated and the retrofitted model

Stress | Remark Strain Remark | Deflection | Remark | Composite
(psi) (in.) Action
Calibrated | 1804 4.93% | 0.000337 5% -1.63 15% Composite
Model decrease decrease decrease | action was
in stress in strain in increased
Retrofitted | 1715 for the for the -1.39 deflection | from 32%
Model (R2) retrofitted | 0.00032 retrofitted for the to 83% for
model. model. retrofitted the
model. retrofitted
model
16% Composite
5.15% 5% decrease | action was
decrease decrease in increased
Retrofitted | 1711 in stress | 0.00032 in strain -1.36 deflection | from 32%
Model (R3) for the for the for the to 86% for
retrofitted retrofitted retrofitted the
model. model. model. retrofitted
model

Figure 7-13 shows the dynamic retrofitting model while Table 7-7 provides a comparison of the

natural frequency for an interior girder of the calibrated and the retrofitted models.
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Figure 7- 13: Recasting on the Girder lines and Panel lines

Table 7- 7: Comparison of the natural frequency for an interior girder of the calibrated and the

retrofitted model

Model Natural Frequency (Hz.) Remark
Calibrated Model 241 Natural Frequency
Recasting with Regular 2.89 increased by 20%
Concrete

Recasting with High Strength 3.0 Natural Frequency
Concrete increased by 24.5%
Recasting with Regular 34 Natural Frequency
Concrete+ Shear Keys increased by 41%
Recasting with High Strength 35 Natural Frequency
Concrete+ Shear Keys increased by 45%
Recasting with Regular 3.05 Natural Frequency
Concrete+ R2 increased by 26.5%
Recasting with Regular 3.11 Natural Frequency

Concrete+ R3

increased by 29%
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7.1.6 Undercut Anchors

The provisions of undercut anchors are provided in ACI 318-19, chapter 17. The undercut of the
anchors ensures safe mechanical interlock with concrete (Figure 7-14).

[ on % y i e

Figure 7- 14: An undercut anchor embedded inside concrete

The break-out cone for tension and shear of the undercut anchors are shown below in Figure 7-15
based on ACI-318-109.
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Figure 7- 15: Break-out cone for undercut anchor: (a) Tension; and (b) Shear

Undercut anchors were modeled using this break out cone assuming the perfect bond in the critical

areas. The embedment of the anchor in the girder would be approximately 5", which makes a
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critical length of 7.5". So, each anchor was assumed to create a perfect bond to a critical area of
15"X 15" on the girder-deck interfaces.

Undercut anchors were modeled according to the tension cone showed in ACI-318. The
embedment of the anchors to the girders was assumed as 5.5 in. while the embedment of the deck
was 5 in. Therefore, the total length of the modeled anchors was around 10 in. Due to the 5 in.
embedment inside the deck, a 15°°X15°” rectangular area was assigned as tie contact on the deck-
girder interface to ensure perfect bond between the tension cone area, while the rest of the contact
between the girder and deck was assigned as cohesive. Figure 7-16 shows the tie areas (red blocks)

between the deck-girder interfaces indicating the tension cones of the undercut anchors.
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Figure 7- 16: Tension cones of the undercut anchors (red block)

Since each anchor creates a perfectly bonded rectangular area of 15°’X15”” on the deck-girder
interfaces, the maximum spacing of the anchors in this case can be 15°°. Therefore, for a 100 feet
girder, the maximum number of anchors per side should be 80 which creates fully perfect bond
between the girder-deck interface. Table 7-8 shows the number of anchors per side of the girders
that were modeled in ABAQUS.
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Table 7- 8: Different number of anchors per side modeled in ABAQUS

Number of Undercut Anchors per side per girder

Anchors needed/Anchors Provided

80 100%
60 75%
40 50%
20 25%

Figures 7-17, 7-18, 7-19 and 7-20 show the modeled undercut anchors (80, 60, 40 and 20
respectively) in ABAQUS. Table 7-9 provides a comparison of the stress, strain, and the location

of the neutral axis from the bottom for the third interior girder of the calibrated and the retrofitted

models.

Figure 7- 17: 80 anchors on each side of the girders
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Figure 7- 19: 40 anchors on each side of the girders

153



Figure 7- 20: 20 anchors on each side of the girders

Table 7- 9: Comparison of the stress, strain and the location of the neutral axis for an interior

girder of the calibrated and the retrofitted model

Stress | Remark Strain Remark | Deflection | Remark | Composite
(psi) (in.) Action
Calibrated | 1804 4.87% | 0.000337 8% -1.63 16% Composite
Model decrease decrease decrease | action was
in stress in strain in increased
80 1716 for the for the -1.37 deflection | from 32%
Anchors/side retrofitted | 0.00031 retrofitted for the to 82% for
model. model. retrofitted the
model. retrofitted
model
15% Composite
4.6% 8% decrease | action was
decrease decrease in increased
60 1721 in stress | 0.00031 in strain -1.38 deflection | from 32%
Anchors/side for the for the for the to 78% for
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retrofitted retrofitted retrofitted the
model. model. model. retrofitted
model
13.5% Composite
4.43% 5% decrease | action was
decrease decrease in increased
40 1724 in stress | 0.00032 in strain -1.41 deflection | from 32%
Anchors/side for the for the for the to 74.5%
retrofitted retrofitted retrofitted for the
model. model. model. retrofitted
model
12% Composite
4.21% 5% decrease | action was
decrease decrease in increased
20 1728 in stress | 0.00032 in strain -1.44 deflection | from 32%
Anchors/side for the for the for the to 69% for
retrofitted retrofitted retrofitted the
model. model. model. retrofitted
model

For the dynamic model, undercut anchors were modeled similarly according to the tension cone

showed in ACI-318. Figure 7-21 shows the tie areas (red blocks) between the deck-girder

interfaces indicating the tension cones of the undercut anchors.
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Figure 7- 21: Tension cones of the undercut anchors (red block)

Figures 7-22, 7-23, 7-24 and 7-25 show the modeled undercut anchors (80, 60, 40 and 20
respectively) in ABAQUS. Table 7-10 provides a comparison of the natural frequency for an
interior girder of the calibrated and the retrofitted models.
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Figure 7- 23: 60 anchors on each side of the girders

157



Figure 7- 25: 20 anchors on each side of the girders
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Table 7- 10: Comparison of the natural frequency for an interior girder of the calibrated and the

retrofitted model

Model Natural Frequency (Hz.) Remark
Calibrated Model 241 Natural Frequency
20 Anchors each side 2.53 increased by 5%

40 Anchors each side 2.70 Natural Frequency

increased by 12%

60 Anchors each side 2.85 Natural Frequency
increased by 18.25%

80 Anchors each side 3.13 Natural Frequency

increased by 30%

20 Anchors+ Shear Keys 3.19 Natural Frequency
increased by 32.5%

40 Anchors+ Shear Keys 3.40 Natural Frequency

increased by 41%

60 Anchors+ Shear Keys 3.61 Natural Frequency

increased by 50%

80 Anchors+ Shear Keys 3.85 Natural Frequency

increased by 60%

7.1.7 Shear Keys

Concrete shear keys are proposed to be constructed between the bearing pads to reduce the lateral
movement of the superstructure (Figure 7-26). This method is a stiffening method that will have a
major impact on the dynamic properties of the bridge. This is very cheap and can be used alongside

other retrofitting methods without any traffic interference.

(@) (b)

Figure 7- 26: Stiffening bearing pads using shear keys: (a) Typical cross-section; and (b)
Constructed shear keys
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Shear keys were modeled to provide lateral fixity to the girders and hence to the entire system.
The length of the keys was assumed as 15 in. along the girder based on the TXDOT standard bent
cap drawing. In the model, a 15 in. lateral fixity was modeled in each corner sides of the girder to
simulate the shear keys. Figure 7-27 shows the lateral fixities of the girders which represent the

lateral shear keys.

Figure 7- 27: Shear Keys near the support of a girder

To prevent lateral vibration, shear keys can be used as low cost and high-performance lateral
resisting system which requires no traffic interruption. Table 7-11 provides a comparison of the
natural frequency for an interior girder of the calibrated and the retrofitted models.

Table 7- 11: Comparison of the natural frequency for an interior girder of the calibrated and the
retrofitted model

Model Natural Frequency (Hz.) Remark
Calibrated Model 241 Natural Frequency
Retrofitted Model with Shear 3.11 increased by 29%
Keys
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7.1.8 Dense Concrete Overlay

Bridge Deck concrete overlay or dense concrete overlay has high stiffness due to its increased
compressive strength of 4600 psi. Since the concrete of the deck is delaminated, 2°°/4”’
delaminated concrete from the top of the deck is proposed to be removed and then re-casted using
hydraulic cement concrete. This method is supposed to diminish delamination to some extent and
increase the natural frequency of the system by providing additional stiffness. The vibration of the
bridge is supposed to be reduced due to higher stiffness and reduced delamination of the dense

concrete overlay.

As a part of the process, 2°°/4’” deck concrete was removed and re-casted with high strength
hydraulic cement concrete overlay. This retrofitting method increased the natural frequency of the
deck by improving the stiffness and removing deck-delamination on the top layer. Figure 7-28

shows the 2”° dense concrete overlay modeled in ABAQUS.

Figure 7- 28: Dense concrete overlay (2°” on the top) modeled in ABAQUS

Shear keys were also modeled with dense concrete overlay to observe the combined effect. Figure
7-29 shows dense concrete overlay on the top of the deck and shear keys on the corners of the

girder.
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Figure 7- 29: Dense concrete overlay with shear keys (2’ on the top) modeled in ABAQUS

Table 7-12 provides a comparison of the natural frequency for an interior girder of the calibrated
and the retrofitted models.

Table 7- 12: Comparison of the natural frequency for an interior girder of the calibrated and the

retrofitted model

Model Natural Frequency (Hz.) Remark

Calibrated Model 241 Natural Frequency

2”’ Dense Concrete Overlay 2.63 increased by 9%
4’ Dense Concrete Overlay 2.85 Natural Frequency
increased by 18%
2”’ Overlay+ Shear Keys 3.36 Natural Frequency
increased by 39%
4’’ Overlay+ Shear Keys 3.59 Natural Frequency
increased by 49%

It can be observed that 2°” overlay with shear key increased the natural frequency by 39%. This
retrofitting can easily be completed with a relatively lower cost and in shorter time period than the
other methods.
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7.2 Summary of the Retrofitting Methods

A summary of the proposed retrofitting methods is provided in Table 7-13.

Table 7- 13: Summary of the proposed retrofitting methods

Retrofitting methods Previous Traffic closure | Cheap/Costly
application
Recasting on the girder lines and shear
pockets on the panel line Previously used
on a new
concrete bridge, Required Expensive
not as a
retrofitting
method.
Recasting on the girder lines and panel
lines A similar
technique was
High Strength Concrete used on a steel
| a/ | bridge in Required Expensive
{3 Norway
N |
Recasting with additional shear
connectors A similar
technique was
High Strength Concrete used on a steel
,/ bridge in Required Very expensive
% ﬂ ﬁ Norway
Undercut Anchors
Never been
ﬂ i used/Similar
techniques been Not required Moderate
used in
laboratory testing
previously
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Shear Keys

Previously used

7.5 Cost Analysis

on a concrete Not required Cheap
pedestrian bridge

Regularly used

on bridge decks Required Moderate

as overlay

(*All these costs are estimated based on Average Low Bid Unit Prices of January 2021 from

Texas Department of Transportation following the Standard Specifications for Construction and

Maintenance of Highways, Streets, and Bridges, TXDOT. The detailed cost estimation is provided

in Appendix D).

7.5.1 Removing 2”’ overlay and replacing it with Dense Concrete Overlay

The cost of this retrofitting depends on the span length and deck width which is shown in Table 7-

14.

Table 7- 14: Cost analysis of removing a 2°” overlay and replacing it with dense concrete overlay

Span Length —»

Deck Width | 50 ft. 100 ft. 150 ft.
50 ft. 70,770 $ 141540 $ 212310$
98 ft. 1,38,709 $ 2,77,418$ 416,127 $
150 ft. 212,310 % 424619% 6,36,929
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7.5.2 Constructing Shear Keys at the end of the Girders (Item 420- Class C Concrete Bent,
HPC)

(**Traffic closure is not required)
The cost depends on the number of girders and the girder spacing which is shown in Table 7-15.

Table 7- 15: Cost analysis of constructing shear keys at the end of the girders

No of Girders—»
Girder Spacing¢ 5 11 15
5 ft. 1,117 $ 2,457 $ 3,350 $
9.5 ft. 2,122 % 4,668 $ 6,365 $
15 ft. 3,350 $ 7,371 % 10,051 $

7.5.3 Removing 12’ wide concrete from the girder line/panel line and replacing it with high

strength/regular strength concrete

The cost of this retrofitting depends on the number of girders and the span length which is shown
in Table 7-16.

Table 7- 16: Cost analysis of removing 12”’ wide concrete from the girder/panel line and

replacing it with high strength/regular strength concrete

No of Girders—»

Span Length | 5 11 15
50 ft. 13,068 $ 28,750 $ 39,205 %
100 ft. 26,137 $ 57,500 $ 78,409 $
150 ft. 39,205 % 86,250 $ 1,17,614 $
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7.5.4 Removing 12°° wide concrete from the girder line and replacing it with high

strength/regular strength concrete (Adding additional shear rebar)

Additional 2% cost is assumed for adding additional shear rebar which is shown in Table 7-17.

Table 7- 17: Cost analysis of removing 12’ wide concrete from the girder line and replacing it

with high strength/regular strength concrete (Adding additional shear rebar)

No of Girders—»

Span Length { 5 11 15
50 ft. 13,330 % 29,325 % 39,989 $
100 ft. 26,659 $ 58,650 $ 79,977 $
150 ft. 39,989 $ 87,975 % 119,966 $

7.5.5 Removing 24’ wide concrete from the girder line/panel line and replacing it with high

strength/regular strength concrete

The cost of this retrofitting depends on the number of girders and the span length which is shown
in Table 7-18.

Table 7- 18: Cost analysis of removing 24’ wide concrete from the girder line and replace it

with high strength/regular strength concrete

No of Girders—»

Span Length | 5 11 15
50 ft. 26,136 $ 57,500 $ 78,409 $
100 ft. 52,273 $ 1,15,000 $ 1,56,818 $
150 ft. 78,409 $ 1,72,500 $ 2,35,227 $
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7.5.6 Removing 24°> wide concrete from the girder line and replacing it with high

strength/regular strength concrete (Adding additional shear rebar)

Additional 2% cost is assumed for adding additional shear rebar which is shown in Table 7-19.

Table 7- 19: Cost analysis of removing 24’ wide concrete from the girder line and replacing it

with high strength/regular strength concrete (Adding additional shear rebar)

No of Girders—»

Span Length il ) 11 15
50 ft. 26,659 $ 58,650 $ 79,977 $
100 ft. 53,318 $ 117,300 $ 159,955 $
150 ft. 79,977 % 1,75,954 $ 23,99,32 %

7.5.7 Undercut Anchor

(This was calculated from the Hilti Website)
The final cost of using undercut anchors is shown in Table 7-20.

Table 7- 20: Cost analysis of using undercut anchors

No of Anchors (on both 1 Girder (with 5 Girders $ (with 9 Girders $ (with
side of the girders) GPR) GPR) GPR)
20 8,505 $ 42,525 $ 76,545 $
40 16,290 $ 81,450 $ 1,46,610 $
60 24,075 $ 1,20,375 $ 2,16,675 %
80 31,860 $ 1,59,300 $ 2,86,740 $

** A $2000 boom lift rent will be added with each final cost.
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Chapter 8
CONCLUSION AND RECOMMENDATIONS

8.1 Summary

The SH-75 SB Bridge over Wilson Creek in McKinney, Texas was observed to have excessive
vibration, cracking and potholes on the concrete deck. A concerned authority from TxDOT
requested assistance from the NDE and Load Test team at the University of Texas at Arlington to
evaluate the bridge. Since the bridge was built in 2011, it was highly unusual for such a new
highway bridge to have such structural issue. Therefore, to evaluate the bridge with vibration issue,
a complete testing scheme of NDE evaluation, diagnostic load testing, ambient vibration testing,
dynamic vibration testing, Finite Element Modeling, model calibration and retrofitting were

prepared and executed successfully.

GPR and IE were used to evaluate the deck condition of the SB Bridge. Span 3 was selected for
optimization and most of cracks were found on this span. A cover contour was plotted from GPR,
while delamination map was created using IE results. A diagnostic load test was conducted to find
out the location of the neutral axis in order to calculate the composite action between the girders
and the deck-panel system. A novel method was used to combine the NDE and load test results for
the load rating purpose of the girder and the deck. Lastly, a follow-up load test was conducted after

a year to observe the rate of deterioration of the bridge.

Ambient vibration testing was conducted under regular traffic on the SB bridge to obtain the
maximum accelerations of the girders and the deck in the lateral and vertical directions. In order
to compare the results with other control bridges, the SH-75 NB bridge and the West Virginia
Parkway bridge were also tested under ambient vibration testing condition. To evaluate the
stiffness of the SB bridge, dynamic vibration testing was also conducted to acquire the natural
frequency of the bridge.

Static and a dynamic Finite Element Models of the bridge were created in ABAQUS CAE as a
representation of the SB bridge. Both models were calibrated using the experimental load tests,
NDE and dynamic vibration data to generate an actual field condition of the bridge. Then various

unique retrofitting and stiffening methods were modeled and their effectiveness was evaluated.
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A rough cost analysis was conducted for the retrofitting and some general recommendations were
made. Recommendations future research were also made regarding the vibration study of highway

bridges to improve the existing codes and specifications.

8.1 Findings and Conclusions

The NDE evaluation, live load tests, ambient and dynamic vibration tests and Finite Element
Modeling yielded enough data to characterize the behavior of the SH-75 SB bridge. The findings
and conclusions based on the experiment and Finite Element Modeling are presented in this

chapter.

8.1.1 NDE and Load Tests

NDE and Load test were performed on the SH-75 SB over Wilson Creek bridge to evaluate the

current condition. The conclusions from the tests are as follows:

e |t was found that the bridge exhibited significant vibrations as observed from the strain and
rotational readings from the load test. New cracks and a pothole were also observed on the
deck.

e The Ground Penetrating Radar B scans showed satisfactory results for top rebar cover of
the deck indicating little or no corrosion.

e It was evident from the Impact Echo data that the bridge deck contains delamination. This
finding was supported by the load test as the neutral axis of the composite section was
found to be in the web. However, according to AASHTO guidelines the neutral axis is

supposed to be in the deck.

e The load test also indicates that there is nonlinear behavior in the bridge resulting in
residual strain. Non-consistent responses and residual strain show that the structural
integrity of the bridge is compromised. Based on the location of the neutral axis, only 9.5%
composite action was calculated for the girders. However, the shifting of the neutral axis
was insignificant compared to the previous load test.

e The strain gages under the deck showed very little response and very high noise. The noise

and the response were almost inseparable due to the vibration of the deck.
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Based on the rating, both the deck and girders were capable of carrying the HS-20 load.
However, since the components are not acting monolithically, the serviceability and the

durability of the deck are a matter of concern for the bridge.

8.1.2 Ambient and Dynamic Vibration Tests

The following conclusions can be deduced from the dynamic vibration test:

The maximum accelerations of the girders in the transverse direction under regular rush
hour traffic were significantly higher for the SB bridge than the NB and Virginia PKWY
bridges. The transverse cracking and the potholes on the SB deck appeared as a result of
the higher transverse vibration of the girders.

Dynamic strains reduced with speeds for path P2 and showed erratic patterns for path P3
during the dynamic load test of Wilson Creek SB bridge. This phenomenon took place due
to non-linear, complex load paths introduced as a result of partial composite action between
the girders and the deck/panel system.

The fundamental natural frequency of the SB bridge was significantly lower than the
acceptable frequency mentioned in literature. Additionally, reduced stiffness due to partial
composite action was the reason behind lower fundamental frequency.

Calculating the frequencies and mode shapes experimentally is very challenging and
sensitive. Even small disturbance on the top of the bridge might affect the data drastically.
Therefore, only a single vehicle was allowed on the top during the dynamic load test which
yielded more precise data. In addition, all the data were averaged while obtaining the
frequencies and mode shapes. This approach yielded reliable data which were used for the

calibration of the Finite Element Model.

8.1.3 Finite Element Modeling and Retrofitting

The following conclusions can be deduced from the Finite Element Modeling and Retrofitting:

The FEM models were calibrated by varying the composite action between the girders and
the deck-panel and by adjusting the stiffness of the deck. The strain and rotation values
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from the load tests and the natural frequencies from the dynamic vibration tests matched
with the calibrated models with little deviation.

e The accuracy of the FEM models was verified by stability check using the residual energy
method.

e Recasting on the girder lines and panel lines directly improved the composite action
ranging from 70%-91% based on the concrete strength and the recasting length. This
method also greatly increased the natural frequency when combined with the shear keys.

e Undercut anchors directly increased the composite action by 70%- 82% based on the
numbers of anchors. The anchors also increased the natural frequencies by increasing the
stiffness.

e Shear keys, by themselves or combined with other methods, significantly improved the
natural frequency of the system. This method is very cheap, does not require any traffic
closure and is a highly effective method to reduce lateral vibration.

e Dense concrete overlay reduced the top delamination of the deck and significantly
increased the natural frequency when combined with the shear keys.

8.2 General Recommendation and Future Research

Assumptions and Limitations:
The following assumptions were made when proposing the general recommendations:

e All the recommendations were made based on the modeling data of the SB Bridge.
e These recommendations are rough estimation using engineering judgements. Future

research is needed to verify and improve the accuracy of the recommendations.
1) Recasting on the Girder Line (12°°/24°’) and Shear Pocket on the Panel Line

The proposed retrofitting method improves the composite action between the girders and the
deck/panel system. The proposed method additionally reduces the delamination of the deck

concrete on the girder line.

This method is not effective for bridges where decks and girders are monolithically casted such as

box girder bridges. For regular strength casting, 24°* and 12’ recasting improved the composite
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action to 70% and 51% respectively from 32%. Based on linear interpolation, the following general

recommendations shown in Table 8-1 were made.

Table 8- 1: General recommendation for the proposed retrofitting

Girder Type Increase of Composite Action (%)
Tx28- Tx54 70
Tx62 & Tx70 80

2) Recasting on the Girder Line (12°°/24°°) and the Panel Line

The proposed retrofitting method improves the composite action between the girders and the
deck/panel system. The method reduces the delamination of the deck concrete on the girder line

and the panel line.

This method is not effective for bridges where decks and girders are monolithically casted such as
box girder bridges. For regular strength casting, 24°* and 12’ recasting improved the composite
action to 79% and 61% respectively from 32%. Based on linear interpolation, the following general

recommendations shown in Table 8-2 were made:

Table 8- 2: General recommendation for the proposed retrofitting

Girder Type Increase of Composite Action (%)
Tx28- Tx54 79
Tx62 & Tx70 88

3) Recasting on the Girder Line (12°°/24°”) and the Panel Line with Additional Shear Rebars

The proposed retrofitting method improves the composite action between the girders and the
deck/panel system. It also reduces the delamination of the deck concrete on the girder line and the

panel line.

This method will not be effective for bridges where decks and girders are monolithically casted
such as box girder bridges. For regular strength casting, 24’ and 12°’ recasting improved the
composite action to 83% and 64% respectively from 32%. Based on linear interpolation, the

following general recommendations shown in Table 8-3 were made:
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Table 8- 3: General recommendation for the proposed retrofitting

Girder Type Increase of Composite Action (%)
Tx28- Tx54 83
Tx62 & Tx70 93

4) Removing 2°° Deck and Replacing with Dense Concrete Overlay

The proposed retrofitting method improves the stiffness of the girders and the deck/panel system.

This method also reduces the delamination of the deck concrete on the top of the deck.

This method increases the natural frequency of the deck-girder system from 2.41 Hz. to 2.63 Hz.
for an average existing delamination of 30% on the top of the deck. Based on linear interpolation,

the following general recommendations shown in Table 8-4 were made:

Table 8- 4: General recommendation for the proposed retrofitting

Average Delamination on the Deck (%) Increase of Natural Frequency (%)
30 10
50 17
80 27
15 5

5) Constructing Shear Keys at the end of the Girders

The proposed retrofitting method improves the stiffness of the girders and the deck/panel system
by providing lateral supports to the system. This is the cheapest retrofitting method to reduce the

vibration of highway bridges.

Longer span bridges have low natural frequency and high vibration. Thus, this method will be
more effective for shorter span bridges than longer ones. Based on linear interpolation, the

following general recommendations shown in Table 8-5 were made:

Table 8- 5: General recommendation for the proposed retrofitting
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Span Length

Increase of Natural Frequency (%)

100 22.5
150 15
50 45

6) Installing Undercut Anchors under the Girders

The proposed retrofitting method improves the composite action between the girders and the

deck/panel system.

Based on linear interpolation, the following general recommendations shown in Table 8-6 were

made:
Table 8- 6: General recommendation for the proposed retrofitting
Span L Number of Anchors on each side of the Girders
Length 20 40 60 80
100 % Increase of 37 43 46 50
150 Composite Action 25 29 31 34
50 — 74 86 92 100
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Appendix
Appendix A

Theoretical NA Location (Non-Composite)

For an Interior girder (A-F)
No. of strand = 36

£, =270 ksi
emig = 18.37"
fi = 6.2 ksi

The spacing of girders =9’
Type Tx-54 girder, y, = 30.49"”
yp = 23.51"
A =817 in?
I = 299740 in*
A,s =50 %0.153 = 7.65 in?
1 =0.74
dp = y¢ + emid = 30.49 + 18.37 = 48.86"

A
C = spfpu

0.85f/B1b +kAps%
14
~ 7.65 * 270
0,85 % 6.2%0.74 % 36+ 0.28  7.65 » 220
02 % 0.2% 0. 20 % 1.65% 7586

=13.57" [from top]
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~ Location of NA from bottom = 54" — 13.57" = 40.43"

Theoretical NA Location (Fully Composite)

Ccom

7.65 % 270

h 270
0.85 % 4 % 0.85 % (9.0 * 12) + 0.28 * 7.65 * £836
= 6.08" [from top]

d, =y +e+825"(t)
= 48.86 + 9.5
= 58.36"

~ Location of NA from bottom
= 54" +9.5" — 6.08"
= 57"
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Appendix B

Deck Rating

Positive moment capacity:

Precab™ panels width = 7.5’
Length of panel = 8.33”
Panel thickness = 4"’
The number of strands:
o _833x12-4"
6
=17

My = Asfs (dp _ g)

Aps = 17  0.153 = 2.601 in?

4 144
dy=85->=65

ﬁl = 08
= Apsfpu

, fou

0.85 * f;‘ﬁlb + kAde_

p

B 2.601 % 270

- 270
0.85 %4 % 0.8 *(8.33x12) + 0.28 * 2.601 * €5

= 232"
a=pBc=232%0.8=1.86"

fps = fpu (1 - kdi>

p

=270 (1 0.28 2'32)
—_— — . 3
6.5

= 243.02 ksi

1.86
Om, = 1x2.601 * 243.02 * (6.5 - T)
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=3521 Kk~ i"/panel

_ k—ft
=293.4 /panel

For 1 ft strip —

29344 _ ft
omn =333 [ft

=3522 7T,

Applying 30% delamination
@m,, = 35.22 % 0.7

@m, = 25 k_ft/ft

Negative moment capacity:

From GPR, top cover in negative zone = 2.5’

d:9'5_2'5_8*2

= 6.6875"

#5 @6 O.C.
_ A
0.85f.'b
_2%0.31+60
0.85 % 4.5 %12
= 0.81"

a

s my = Af, (d _ %)

0.81
=2%0.31%60 * (6.6875 - T)

=2338 K~/

= 19.48 ¥ _ft/ft
Apply 30% delamination —

#@m, =07%19.48 = 13.64 X _ft/ft
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b Pmax = 0.02
d

P < Pmax tension controlled

Deck Rating:

DL = 0.1 (8'5 1 015) 9.52
=01x|—=x1"%0. x 0,
12
— 096k — ft

Il =08 (9.5 + 2)
= V.o * *
32

=46k —ft
LL equation is for continuous slab, P=16 kip for HS-20.

LL+IM = 1.3+ 46 k_ft/ft

=598k — ft

R.F. For HS-20 (Inventory level):

RF = C — A1XDL
A2X(LL + IM)

1364 —1.3%0.96
N 2.17 * 5.98

=0.96 =1.00
Bridge Member rating = 36*1

= 36 tons
=72,000 Ib.

R.F. For HS-20 (Operating level):

RF = C — A1XDL

T A2X(LL + IM)
_ 13.64—1.3%0.96
B 1.3 %5.98

=1.6
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Bridge Member rating = 36*1.6
=57.39 tons
=114,770 Ib.
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Appendix C

Girder Load Rating

Dead Load Analysis:

_ 817 .
SW of girder = i 0.15 = 0.851 /ft

9.5
Weight of slab + haunch = [E * 9] *0.15
=1.07 K/¢,
. — k
=~ DC; =192 /ft

1.92 * 1002
8

barrier = 3.22*0.15%x2 =097 k/ft

chlz :2400k_ft

~ barrier load per beam = TR 0.09 k/ft
0.09 = 1007
Mpe, =~ = 1125k — ft

Live Load Analysis:

Two or more land loaded —
S
Im, = 33

=172
Maximum LL effect for HS —20:
HS-20 moment = 762 k-ft. (From AASHTO Manual for Bridge Evaluation)

|= 50
L+125

B 50
~ 100 + 125

=0.22

<=0.3

o TnLL+1 == 762 * 1.22 * 1.72
= 1599 k — ft
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Flexural resistance at mid span: [full composite action assumed]

dy, =y + haunch + ts + Cpy,

= 58.36"
C = Apsf;ou
0.85£ b + kApSZ)—:

= 6.08"
a=p,C=085%x608=517" <t;

Rectangular section behavior

270 (1 0.28 6.08 )
= — 0. *
Jos 58.36

= 262.12 ksi
a
My = Apsfps (dp o E)

5.17
= 7.65 % 262.12 * (58.36 _ T)
— 9320 k — ft

Rating Assuming Full Composite Action

R.F. For HS-20 (Inventory level):

_ C—A1XDL
A2X(LL + IM)

9320 — 1.3 25125
- 2.17 * 1599

=174

RF

Bridge Member rating = 36*1.74
= 62.64 tons
=125,280 Ib.

R.F. For HS-20 (Operating level):

_ C—A1XDL
A2X(LL + IM)

RF
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9320 — 1.3 % 25125
B 1.3 * 1599

=291

Bridge Member rating = 36*2.91 ton
= 104.76 tons
=209,520 Ib.

Flexural resistance at mid span: [Partial-composite action]

C =54" +9.5" —42"
= 21.5", from top
a=p,C=085%215

= 18.275"
270 (1 0.28 215 )
= —_— ¥ —
Jos " 7 58.36
= 242.15 ksi
My = Apsfyps (dy —5) o1f (b — by) hs (a/2 — hs/2)
= 7.65 * 242.15 * (58.36 — o) + 0.85 « 4(9.5 + 12 — 36) 8.5 (*or — %)
= 8517 k — ft
Loss of moment capacity = 232078517 1 100 = 8.6%

9320

Rating Using Partial-Composite Action:

R.F. For HS-20 (Inventory level):

_ C—A1XDL
T A2X(LL + IM)

8517 — 1.3%2512.5
N 2.17 * 1599

= 1.51

RF

Bridge Member rating = 36*1.51
= 54.47 tons
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=108,955 Ib.

R.F. For HS-20 (Operating level):

_ C—A1XDL
T A2X(LL + IM)

_ 8517 — 1.3%2512.5
N 1.3 % 1599

= 2.53

RF

Bridge Member rating = 36*2.53
=90.93 tons
=181,870 Ib.
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Appendix D

Cost Analysis for Bridge Retrofitting

Removing 2°° overlay and replacing it with Dense Concrete Overlay:

(*All these costs are estimated based on Average Low Bid Unit Prices of January 2021 from
Texas Department of Transportation following the Standard Specifications for Construction and

Maintenance of Highways, Streets, and Bridges, TxDOT).
a) Removing Concrete: (Item 483)
“This Item will be measured by the square yard of concrete bridge deck surfaced.”

“The work performed, and equipment furnished in accordance with the Item and measured as
provided under “Measurement” will be paid for at the unit price bid for “Milling Concrete Slab”
to the depth required, “Hydro Demolition” to the depth required, “Shot Blasting,” “Diamond
Grinding Slab,” and “Saw Grooving.” This price is full compensation for removing all material to
the depths shown; preparing the surface; texturing the surface; saw grooving the surface; loading,

hauling, unloading, and disposing of the cuttings; and equipment, labor, tools, and incidentals.”
Cost: Statewide Maximum: 60 $/SY.
For SH-75 SB Bridge over McKinney, TX (Span 3 only):
Total amount of concrete to be removed = (100*98) SF
= 9800 SF
=1089 SY
Cost = (1089*60) = 65,340 $
b) Bridge Deck Overlays: (Item 439)

“Concrete overlay, latex-modified concrete overlay, and multi-layer polymer overlay will be
measured by the square yard of surface overlaid using the dimensions shown on the plans.

Overlay is a plans quantity measurement item.”
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“Payment for “Concrete Overlay” or “Latex-Modified Concrete Overlay” is full compensation
for cleaning surface, furnishing and placing grout; cleaning and restoration of reinforcing
steel; furnishing and placing reinforcing steel; and furnishing, placing, finishing and curing

the concrete overlay.”
Cost: Statewide Maximum: 102 $/SY.
For SH-75 SB Bridge over McKinney, TX (Span 3 only):
Total amount of concrete to be placed = (100*98) SF
= 9800 SF
= 1089 SY
Cost = (1089*102) = 111,078 $
c) Traffic Closure: (Item 7148 6003)
(Assuming 2 lane closure of a 4-lane road, Medium production rate)
Cost= 1000 $/lane/hour
Removing concrete pavement= 2000 SY/day
Concrete overlay= 300 SY/day
Number of days for removing concrete= 1089/2000= 0.55 day= 13 hours
Number of days for overlay casting= 1089/300= 3.63 days= 88 hours
Total number of hours= 101 hours

Total cost for lane closure= 101*1000 = 1,01,000 $

Total cost= 65,340+ 1,11,078+ 101,000= 2,77,418 $
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The cost depends on the span length and deck width.

Span Length—»

Deck WidtR, 50 ft. 100 ft. 150 ft.
50 ft. 70,770 $ 1,41,540 $ 2,12,310 %
08 ft. 1,38,709 $ 2,77,418 $ 416,127 $
150 ft. 2,12,310 $ 424,619 $ 6,36,929 $

Constructing Shear Keys at the end of the Girders (Item 420- Class C Concrete Bent,
HPC):

(*All these costs are estimated based on Average Low Bid Unit Prices of January 2021 from

Texas Department of Transportation following the Standard Specifications for Construction and

Maintenance of Highways, Streets, and Bridges, TxDOT).
(**Traffic closure is not required)
“This Item will be measured by the cubic yard, square yard, foot, square foot, or by each structure.”

“The work performed and materials furnished in accordance with this Item and measured as
provided under “Measurement” will be paid for at the unit price bid for the class of concrete and
element identified and by the special designation when appropriate. This price is full compensation
for furnishing, hauling, and mixing concrete materials; furnishing, bending, fabricating, splicing,
welding and placing the required reinforcement; clips, blocks, metal spacers, ties, wire, or other
materials used for fastening reinforcement in place; furnishing, placing, and stressing post-
tensioning system; placing, finishing, and curing concrete; mass placement controls; applying
ordinary surface finish; furnishing and placing drains, metal flashing strips, and expansion-joint
material; excavation, subgrade preparation; and forms and falsework, equipment, labor, tools, and

incidentals
Cost: Statewide Maximum: 1010.27 $/CY.
For SH-75 SB Bridge over McKinney, TX (Span 3 only):

Amount of concrete per shear key = (15*82*8.75/1728) CF
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=6.23CF

(Length of each key= 15"’
Width of each key= 82"’
Height of each key= 8.75")
Total number of shear key for span 3= 10*2= 20 (11 girders, 10 shear keys, 2 bents)
Total amount of concrete= 6.23*20 CF

=124.6 CF

=4.62CY
Total Cost = (4.62*1010.27) = 4,668 $

The cost depends on the number of girders and the girder spacing.

No of Girders—»
Girder Spacing¢ 5 11 15
5 ft. 1,117 $ 2,457 $ 3,350 $
9.5 ft. 2,122 % 4,668 $ 6,365 $
15 ft. 3,350 7,371 % 10,051 $

Removing 12°° wide concrete from the girder line/panel line and replace it with high

strength/reqular strength concrete:

(*All these costs are estimated based on Average Low Bid Unit Prices of January 2021 from
Texas Department of Transportation following the Standard Specifications for Construction and

Maintenance of Highways, Streets, and Bridges, TxDOT).
a) Concrete Structure Repair (Deck Repair, Full Depth): (Item 429)

“This Item will be measured by the square foot, in place, as measured on the specified horizontal,
vertical, or overhead surfaces of the completed repair as shown below or by the cubic yard for full

element or member replacement. When a repair involves multiple surfaces, such as a corner,
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measurement will be made of all surfaces repaired. Bridge deck repairs will be measured by the

square foot in place of the completed repair.”

“The work performed and materials furnished in accordance with this Item and measured as
provided under “Measurement” will be paid for at the unit price bid for “Concrete Structure
Repair” of the kind specified. This price is full compensation for furnishing, placing, and curing
all repair materials; removing concrete; saw cutting; cleaning reinforcing steel; supplying and
installing replacement or supplemental reinforcing steel, drive pins, studs, or expansion bolts; and

equipment, labor, and incidentals.”

Cost: Statewide Maximum: 305 $/SY.

For SH-75 SB Bridge over McKinney, TX (Span 3 only):

For one girder, amount of concrete to be repaired= (100*12/12) = 100 SF = 11.12 SY
Cost = (11.12*305) = 3,392 $

For all girders (9, excluding two exteriors), amount of concrete to be repaired= (100*9) = 900 SF=
100 SY

Cost = (100*305) = 30,500 $

For alternate girders (5, excluding two exteriors), amount of concrete to be repaired= (100*5) =
500 SF=55.56 SY

Cost = (55.56*305) = 16,946 $
b) Traffic Closure: (Item 7148 6003)
(Assuming 2 lane closure of a 4-lane road, Medium production rate)
Cost= 1000 $/lane/hour
Removing concrete = 280 CY/day
Bridge Deck= 900 SF/day
Removed Concrete for 9 girders= 900 SF= (900*9.5/12) = 712.5 CF=26.39 CY

Number of days for removing concrete for 9 girders= (26.39*/280) = 3 hours
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Number of days for deck casting for 9 girders= 900/900= 24 hours
Total number of hours= 27 hours

Total cost for lane closure= 27*1000 = 27,000 $

Total Cost= 30,500+ 27,000= 57,500 $

The cost depends on the number of girders and the span length.

No of Girders—»

Span Length { 5 11 15
50 ft. 13,068 $ 28,750 $ 39,205 $
100 ft. 26,137 $ 57,500 $ 78,409 $
150 ft. 39,205 $ 86,250 $ 1,17,614 $

Removing 12°° wide concrete from the girder line and replace it with high strength/regular

strength concrete (Adding additional shear rebar):

Additional 2% cost is assumed for adding additional shear rebar:

No of Girders—»

Span Length { 5 11 15
50 ft. 13,330 $ 29,325 $ 39,989 $
100 ft. 26,659 $ 58,650 $ 79,977 $
150 ft. 39,989 % 87,975 % 119,966 $

Removing 24°° wide concrete from the girder line/panel line and replace it with high

strength/reqular strength concrete:

(*All these costs are estimated based on Average Low Bid Unit Prices of January 2021 from
Texas Department of Transportation following the Standard Specifications for Construction and

Maintenance of Highways, Streets, and Bridges, TxDOT).
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The cost depends on the number of girders and the span length.

No of Girders—»

Span Length { 5 11 15
50 ft. 26,136 $ 57,500 $ 78,409 $
100 ft. 52,273 $ 1,15,000 $ 1,56,818 $
150 ft. 78,409 $ 1,72,500 $ 2,35,227 $

Removing 24°° wide concrete from the girder line and replace it with high strength/regular

strength concrete (Adding additional shear rebar):

Additional 2% cost is assumed for adding additional shear rebar:

The cost depends on the number of girders and the span length.

No of Girders—»

Span Length { 5 11 15
50 ft. 26,659 $ 58,650 $ 79,977 $
100 ft. 53,318 $ 117,300 $ 159,955 $
150 ft. 79,977 $ 1,75,954 $ 23,99,32 $

Undercut Anchor:

(This was calculated from the Hilti Website)

For every 40 anchors (20 anchors on both side of a girder):
Undercut anchor HAD-P M20 x 250/50- 2 pc (40)- Price 5920 $
Setting tool HAD M20 w/TE-Y- 1 pc- Price 204 $

Stop drill bit TE-Y-HAD-B 37 x 250- 1 pc- Price 1602 $
Blow-out-pump- 1 Pc- Price 59 $

Total cost = 5920+ 204+ 1602+ 59=7,785%
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For every 80 anchors (40 anchors on both side of a girder):
Total cost = 7,785*2= 15,570 $

For every 120 anchors (60 anchors on both side of a girder):
Total cost = 7,785*3= 23,355 $

For every 160 anchors (80 anchors on both side of a girder):
Total cost = 7,785*4= 31,140 $

Additional cost:

GPR scanning cost= (80+160)/hour= 240 $/hour [One technician 80 $/hour and one Engineer 160
$/hour]

Total/Girder= 240*3=720 $

Boom lift rent = 2000 $

No of Anchors (on both 1 Girder (with 5 Girders $ (with 9 Girders $ (with
side of the girders) GPR) GPR) GPR)
20 8,505 $ 42,525 $ 76,545 $
40 16,290 $ 81,450 % 1,46,610 $
60 24,075 $ 1,20,375 % 2,16,675 %
80 31,860 $ 1,59,300 $ 2,86,740 $

** A 2000 $ boom lift rent will be added with each final cost.
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